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ABSTRACT
Thorough analysis of geotechnical data is prerequisite to managing stability of underground
excavations and the whole mine for sound and effective mining environment. Ground control issues
can be cost-effectively managed by understanding the controlling geotechnical factors such as rock
mass condition and in situ stress state through geotechnical investigations. Then the geotechnical
engineers use these parameters to assess the stability and design an effective and optimised support
system particularly in deep mines.
The in-situ stress prior to the mining is generated by weight of the overlaying rocks and the tectonic
movements. Deeper the mine, higher the magnitude of the in-situ stress components. Mining
activities such as roadway development and ore extractions disturb the equivalent state of the in-situ
stress in the ground. When the newly distributed stress components around the underground mining
openings exceed the strength of the surrounding strata, they cause rock fracturing. The stress induced
rock fracturing can result in instabilities around the mine openings such as roadways.
Numerical modelling is one of the most common methods to assess the stress induced rock fracturing
and associated risks. This approach can be used to predict the extension of the failure zone around
the roadway and design adequate ground supports and reinforcements.
The numerical methods utilise failure criteria and constitutive models to simulate the rock mass
response to the stress changes. Over the years, several studies have been conducted to assess the
most accurate criteria and constitutive model to analysing rock failure. However, most of the previous
studies have been limited to hard rock conditions. Therefore, there are very limited comparative
studies for coal measure rocks where stiffness and strength of the rocks varies significantly.
This research attempts to analyse and compare the most common constitutive models through a case
study. A real case roadway with known geological and geomechanically characteristics and with
monitored behaviour will be used for this comparison. The simulated behaviour obtained from each
constitutive model has been compared with the observed behaviour to assess the impact of
constitutive model on the predicted rock failure zone and roadway deformation. The comparison
between the modelled roadway behaviour with the monitored roof displacement and depth of
softening showed that an elastic-brittle model is the most suitable constitutive model for this cases
study.
Additionally, feasibility study of a special laboratory test to simulate the failure mode of rocks in the
tensile side of their strength curves has been conducted in this research. The designed laboratory test
includes a frame to apply tensile to the lateral sides of a cubic samples (biaxial tensile loading). Then
1

the frame along with sample could be placed between a compressive loading frame to apply
compression stress to the upper and lower surfaces of sample. The unsuccessful testing trials showed
that the biaxial tensile loading using glue is not practical. Therefore, other laboratory testing methods
such as dog bone shape samples which needs particular casting or cutting tools must be used to study
the failure mechanism of the rock in tensile side of their strength curve.
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Chapter 1 - INTRODUCTION
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1.1. OVERVIEW
Fast growing urbanisation in the developing countries demands big volume of mineral supplies. Since
there are limited amount of mineral resources left close to the ground surface, the mining companies
need to reach deeper and deeper to keep up with the demands. Utilising advanced technologies and
automated machineries, makes it affordable to extract minerals from deep buried deposits.
Similar to other minerals, coal production in the world has been grown significantly due its demand
for both energy generation and steel production. As a result, the easy to mine and close to the ground
surface coal deposits were mined and demands push miners to move toward deeper coal deposits.
For examples, underground coal mines operating at Illawarra colliery are heading to the depths above
600 m (South32 website, 2019).
As underground mines go deeper and deeper, they are facing more geotechnical challenges induced
by the higher rock stress (Brady and Brown, 1985). The equilibrium state of the rock stress is disturbed
by the underground mining activities which imposes new stress distribution around the openings.
When the distributed stress components exceed the strength of the surrounding rocks, it causes rock
failure and rock deformation. This condition can induce instabilities which results in generating hostile
working environment concerning personnel safety.
Considering the advance rate of the roadway development and longwall retreat, the state of stress
around the underground roadways are changed continuously. The rock stress induced fracturing
around roadways happens at several stages. This includes initial fracturing caused by the roadway
development; fracturing propagation caused by the development of the adjacent roadways; and
extension of the stress induced fracturing generated by the longwall retreat. Therefore, geotechnical
engineers need a very good understanding about the geological and geotechnical characterisations of
the project to assess the stability and design the ground support systems.
Geotechnical engineers use various tools such as empirical approaches, analytical formulations, and
numerical modellings to evaluate the stability of the underground roadways. The empirical based
methods compare the geological and geotechnical characterisations of the project with the historical
data. Then they suggest a ground support system based on the similarities of the case under study
with the recorded behaviours of other projects. Therefore, these methods do not provide any
explanation about the real mechanism behind the roadway behaviour (Brady and Brown, 1985).
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The analytical formulations have been developed by considering several assumptions about the shape,
mechanical behaviour rocks and the boundary conditions. The application of these formulations is
limited to understanding of the basic relationship between stress and deformation.
The numerical modelling methods provided a powerful tool to simulate the complex geological and
geotechnical conditions and any sophisticated geometries. Over the years, several numerical
modelling methods have been developed and commercialised through various software packages. The
geotechnical engineers have been using the numerical simulations for all types of grounds. These
methods simulate the stress induced fracturing and predict the expected deformations for roof, floor
and ribs of the roadways under various loading scenarios. They also have the options to simulate the
various ground support elements to design the required ground support systems.

1.2. PROBLEM STATEMENT
The failure, deformation and collapse development around the opening are controlled by numerous
factors including the state of the stress, the strength of the rock mass, the pattern and number of
joints and week planes in the rock mass, and the pattern of support and reinforcement installation. In
contrast to underground excavation and the hard rock mines, the excavation in underground coal
mines has two main characteristics. The Coal Measures are bedded strata and usually characterized
as highly anisotropic, with persistent bedding planes. Most of the coal measured rocks including coal,
shale, sandstone, and siltstone are weak, and soft and are exhibiting large volumetric changes in post
peak failure stage, particularly when they’re experiencing low levels of confining pressure (Medhurst
and Brown, 1998).
As explained in the previous section, numerical modelling is one of the most common methods to
assess the stability of the underground roadways in coal mines. This method simulates impact of the
mining sequences on the in-situ stress distribution and determines the stress concentration around
the roadways. Then it uses the relationship between stress and strain which called constitutive model
to calculate the corresponding displacement and failure status for the surrounding rocks (Hoek, 2006).
Therefore, constitutive model can be considered as brain of the numerical modelling formulations.
Unlike engineered materials such as metals and concrete, it is very hard to define a universal
formulation between stress and strain for rocks where inhomogeneity and anisotropy are their
inherent characters (Hoek and Brown, 1997). Over the years, researchers have introduced several
constitutive models for various rock types and the commercial software packages offering them to
their users. For example, FLAC as one of the commonly used software for rock engineering problem
offers more than 14 constitutive models (Itasca, 2011). Most of these constitutive models consider a
linear relationship between stress and strain (elastic model) for the rock element under load. Then
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they use a failure criterion to determine the stress level where the rock element is failed. The main
different between the constitutive models is the relationship between stress and strain at post failure
state.
Despite this fact that the numerical modelling software packages are offering several constitutive
models but there is no a unified suggested approach to choose the proper constitutive model. The
coal measures are bedded strata and usually characterized as highly anisotropic, with persistent
bedding planes. In addition to this, most of the coal measured rocks including coal, shale, sandstone,
and siltstone are weak, and soft and are exhibiting large volumetric changes in post peak failure stage,
particularly when they’re experiencing low levels of confining pressure (Medhurst and Brown, 1998).
Therefore, selecting a proper constitutive model for numerical simulation of the underground
roadways in coal mine would be very challenging.
Several researchers such as Bobet, 2010, Pan and Reed, 1991, Unver and Yasitli, 2006, Sharpe 1999,
Hidalgo and Nordlund, 2012, Zipf Jr 2006 have assessed the impact of the chosen constitutive model
on the predicted behaviour of the various rock mass. But there is very limited literature to compare
the predicted behaviour of roadways in coal mines with the real cases.

1.3. RESEARCH OBJECTIVES
This research was aimed to study the impact of constitutive model selected for the numerical
modelling on the predicted roadway behaviour for underground coal mines. To achieve this goal, a
typical cross section of an underground coal mine excavated in Bulli seam, Illawarra colliery, was
selected as a case study. The geological and geotechnical data along with the monitored behaviour of
roadway were gathered. Then the fish coding capability of the FLAC was used to develop several
constitutive models to simulate the roadway behaviour. This numerical modelling trial predicted the
roadway behaviour including roof displacement and depth of softening zone for each constitutive
model.
In addition to the numerical modelling using various constitutive models, feasibility of simulating the
failure mechanism of rocks in tensile side of their strength using a laboratory testing technique was
studied. The failure mechanism of rocks in their tensile side of their strength curve is a very important
research topic with a limited available literature.

1.4. APPROACH
This survey’s aim is to achieve various approaches described as follows:
•

A comprehensive literature review on numerical modelling methods and commonly used
constitutive models for rocks. This section will provide understanding about numerical
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modelling and advantages and disadvantages of each constitutive model.
•

Numerical modelling of a real case. As the main part of this survey, impact of different
constitutive models on the behaviour of the simulated roadway has been assessed by numerical
modelling of a real case. The geological and geotechnical characteristics of coal measure rocks
surrounding a real roadway excavated in Bulli seam of Illawarra colliery of Sydney Basin, NSW
will be used for this case study. The modelled behaviour of the roadway predicted by different
constitutive models will be compared with the monitored depth of failure and displacements
(roof and rib). This comparison provides the bases for discussion in the limitation of the
constitutive models.

•

Feasibility study of the possibility of simulating the tensile failure when minimum principal stress
is positive and is higher than tensile strength of the rock (tensile cut-off point).
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Chapter 2 - LITERATURE REVIEW
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2.1. NUMERICAL MODELLING METHODS
In the years when rock mechanics still had not been considered as standalone science, it was common
to assume rocks are strong enough to remain stable under most of the loading scenarios imposed by
engineering activities. But after several fatal events in mining projects and catastrophic incident of
Malpasset dam in 1960, it become a clear that mechanical properties of the rock must be assessed in
more details and rock mechanics was born (Pande et al., 1990).
The analytical methods were very commonly used methods in projects with less complexity. These
methods were very helpful and fast to assess the rock engineering projects. Simplifying assumptions
such as homogenous, isotropic, elastic and time independency behaviour are essential to use
analytical method as a solution. However, rock masses are usually inhomogeneous and have
anisotropic, time independent and non-linear behaviour (Harrison and Hudson, 2000). Furthermore,
in most cases the geometry of the project is too complicated, and the loading path is very complicated.
Considering all these facts, application of the analytical solutions is very limited, and they usually
aren’t considered as designing tools for rock engineering projects.
Recent advancing in computer science resulted in developments of computational mechanics that
gave the power of using numerical methods to geomechanics engineers. Since the numerical methods
are flexible in terms of loading and geometry condition, they become very popular in the engineering
world as design tool.
Numerical modelling methods have been advancing for several decades. The modern numerical
methods that are available for a designer to use for rock engineering projects can be grouped in three
main classes as follows (Nikolic, 2016; Elmo, 2006):
• Continuum methods
• Discontinuum methods
• Hybrid models
The proper method can be selected by considering the different condition of the rock mass such as
scale of the problem (i.e., relative ratio between spacing of discontinuity spacing and dimension of the
excavation), the intact rock and joint properties, and the applied stresses (Board, 1989). This chapter
presents a literature review on different numerical methods and constitutive models. Figure 2.1 shows
the classification of the various numerical modelling methods (Coggan et al., 2012; Jing, 2003; Jing and
Hudson, 2002).
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Figure 2.1 - Numerical modelling methods classification for rock mass simulation problems

2.1.1. Continuum Methods
In the continuum approach, rock mass is treated as a continuum medium; the elements/zones cannot
be broken into smaller pieces, separated or torn. In this approach, the rock mass is presented by
elements that are connected to each through some shared point which are called nodes. These
elements/zones cannot be detached from the nodes which they share with the neighbouring
elements/zones. The continuum models have very limited capability to simulate the discontinuities
through interface elements (Board, 1989). Generally, continuum methods categorised as the finite
difference method (e.g. Cundall, 1976), the finite element method (e.g., Zienkiewicz, 1977) and the
boundary element method (e.g. Banerjee and Butterfield, 1981).

2.1.1.1. Finite Element Method
Finite Element Method (FEM) is the most used method analysing the behaviour of continuum or quasicontinuum problems. FEM discretises the main domain into non-overlapping subdomain with some
pre-defined standard shapes known as finite elements. These elements are connected to each other
at fix number of nodes in vertices and/or on sides (Figure 2.2). Each element’s behaviour that is
satisfying equilibrium equations and proper constitutive model can be calculated by appropriate
interpolating functions at the localised coordinate system. Afterward by defining the appropriate
boundary condition limitations and initial condition, and relation between elements and nodes the
local subdomains are globalised to get the global matrix equation.
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Node

Domain

6 triangular node

Figure 2.2- Finite Element Meshing (Goodman, 1976)

Rock mass properties are applied to each element and the next step is to assign boundary condition
and initial condition to the domain boundaries. Furthermore, any unbalanced loads caused by changes
in the model (i.e. excavation, added loads, etc.) must be distributed to achieve a new equilibrium
state. Then each element which represents its contained material responses individually and its
response is governed by its constitutive model. The element’s displacement can be computed
explicitly from the node’s displacement within the element by using an appropriate interpolating
functions and a constitutive model. It should be noted that the preliminary FEM models were only
capable to handle the small strain levels (Goodman 1976).
The FEM method application covers a broad range of material such as heterogeneous and non-linear
behaviour along with various boundary conditions. Furthermore, FEM is very flexible and has a
powerful computing ability to deal with sophisticated cases which makes it one of the most popular
methods in computational engineering. There are several commercial software packages such as
ANSYS, PHASES, ABAQUS and PLAXIS which are using FEM.
Determining the deformation modulus and strength of an equivalent continuum domain representing
the real behaviour of the jointed rock mass is the most challenging task when using continuum
methods to simulate the underground openings (Bobet, 2010)
Generally, approaches to estimate the rock mass properties for a continuum numerical modelling can
be classified in four categories as follows:
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1) Reduction Factor: There is a significant difference between the small sample strength data
tested in laboratory and real rock mass property and behaviour. Because it is very difficult to
find small samples with common sets of joints parameters and constitutive parameters
available for rock mass. Achieving the realistic properties of rock mass, it is recommended to
apply reduction factor to sample size strength property; that is scaling of laboratory sample
test data considered intact rock to gain rock mass properties by applying a reduction factor
(Wilson, 1980; Brekke T.L. and Howard T.R. (1972)
Hoek and Brown (1980) and Wagner (1987), Barton (1990) gathered the strength data
obtained from laboratory and field testing. Then they suggested the following curve (Figure
2.3) and Equation (2.2) to determine the uniaxial compressive strength (UCS) of the rock mass
at field sales of d.

Figure 2.3- Scale effect for uniaxial compressive strength (Hoek, 2006)

𝟓𝟎

𝒒𝒄 = 𝒒𝒄𝟎 ( )𝟎.𝟐
𝒅𝒃

where

Equation 2.1

𝑞𝑐0 is the UCS for a 50 mm sample size.

2) Back analysis: Back analysis of recorded behaviour of the rock mass (stress-strain
relationships) from real cases can be used to estimate the rock mass strength and deformation
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modulus. Rock mass properties can be calculated through using a constitutive model and
measured displacement data from an opening (Sakurai and Takeuchi, 1983).
3) Rock Mass Classifications: There several empirical based equations proposed by several
researchers that use rock mass classification methods to estimate the rock mass properties.
Hoek and Brown (1997) and Bieniawski (1988) have established some world-wide-accepted
relationships which reduce the measured parameters of intact rock by considering the Rock
Mass Rating (RMR) and Geological Strength Index (GSI) classifications.
4) Synthetic Rock Mass (SRM): in fact, this is a discontinuum based numerical methods which
provides capability to simulate the representative volume (RV) of the rock mass under loading.
The model is calibrated with known laboratory scale and field scale data. Then it is used to
determine the strength and overall behaviour the rock mass in large (Pierce et al., 2007;
Human and Hormazabal, 2015)
FEM has been used by many researchers to simulate stress induced fracture around underground
structure. Here are two case studied as examples:
Hidalgo and Nordlund (2012) simulated spalling failure occurred in a hard rock tunnel by utilising FEMbased software Phase2D (Rocscience, 2006). To understand how the spalling failure is progressing in
wall and roof of the tunnel in terms of depth and shape of the failure, two outputs of this modelling
including maximum shear strain and volumetric strain were evaluated in Figure 2.4.

Figure 2.4- FEM simulated failure zone identified by (a) Volumetric strain bands and (b) Maximum shear
strain bands around a tunnel in hard rock (Hidalgo and Nordlund, 2012).
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Toraño et al. (2002) utilised Phase2D simulated the deformation and failure of underground opening
excavated in a jointed rock mass which was affected by longwall mining retreat. Discontinuities
comprising bedding planes and cross joints were created in FEM model through joint elements. Stress
was applied on the surface of the model to simulate the Longwall support system. The FEM models
were found to be able to capture the deformation mechanisms of roadways within closely jointed rock
mass.

2.1.1.2. Finite Difference Method
For a long time, Finite Difference Method (FDM) has been one of the oldest approaches to address
the partial differential equations. This numerical model solves the partial differential equations by
reducing them to some linear equations that can be easily addressed by classical algebra methods.
This simplicity resulted in popularity of the FDM in ground engineering applications.
In this method, the body needs to be divided into small elements defining as grids and nodes (Figure
2.5). For example a mesh illustrated by i,j is coordinated at (xi, xj).
Grid point

Domain

Figure 2.5- 2D Finite difference grid (Itasca, 2011)

For simulating discontinuities cases by FDM approach, grid points must be modelled on both sides of
a joint element, so that the slip value can be quantified by measuring the relative displacement
between related grids. The model is compatible to be adopted with different criterions by enforcing
their equations to incorporating all shear-normal stress loading system. The normal and shear stiffness

25

of the joint element must be calibrated by using real data to improve the reliability of the modelled
discontinuities. Then by defining the boundary conditions, the system of equations would be able to
be solved. (Bobet, 2010)
For linear and moderately non-linear problems, implicit FEM solution can provide a fast and
convenient solution. However, as the degree of nonlinearity of the problem increases, the applied
load must be simulated incrementally which leads to a great increase in computational expense.
Therefore, for highly non-linear problems, the FDM with explicit solution techniques provides a more
convenient solution.
FLAC (Itasca, 2011) is the most common used FDM-based software for rock engineering applications.
In FLAC, the ground materials are represented by individual zones. According to specifying stressstrain formulation (constitutive model) that can be linear or non-linear, the behaviour of each zone
has been treated. FLAC provides a range of built-in constitutive models (i.e. elastic, Mohr-Coulomb
plasticity, ubiquitous-joint, strain-softening/hardening, double-yield, Hoek-Brown plasticity, etc.).
FLAC also allows users to develop specific constitutive models. Like all rock engineering problems, the
post peak behaviour of the zones is significantly important to properly simulate the stress induced
fracturing by using FLAC. Therefore, selecting an appropriate constitutive model is the primary focus
when using FLAC.
Here is an example of applying FLAC to simulate floor heave in a deep coal mine. Maleki et al. (2009)
studied the mechanisms of a sudden heaving of the mine floor in a deep coal mine located at Western
U.S. The Mohr-Coulomb constitutive model has been selected to represent the rock mass mechanical
behaviour. Interface element embedded in FLAC was incorporated to simulate discontinuities
including faults and bedding planes.
Sharpe (1999) used FLAC to simulate the deformation and failure of roadways as shown in Figure 2.6.
Ubiquitous joint constitutive model was adopted to simulate both rock mass behaviour and to model
the bedding planes. The structural elements were implemented to represent the roof bolts. The
numerical modelling results were compared against the monitored roadway behaviour. Parametric
studies were performed using FLAC to investigate a range of factors influencing roadway stability,
including the depth of roadway and, the variations in the immediate roadway geology. Sharpe (1999)
also applied the ubiquitous joint model to investigate the stability of goaf side roadways using FLAC.
The performance of goaf side roadways with different widths of yielding-pillars was examined and
compared against field data. The failure of the pillar was indicated by shear bands which extend from
the immediate roadway roof and higher toward inside part of the pillar. As the pillar’s width increased,
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both the area and magnitude of the shear strain surrounding the roadway progressively increased
(Figure 2.6).

Figure 2.6- Roadway deformation and failure modelled by FLAC with ubiquitous model (Sharpe, 1999)

Zipf Jr (2006) also developed a method for creating realistic numerical models for practical support
design of coal mine roadways. This method including steps to determine the mechanical properties of
coal measures, creating a numerical model, and interpreting the numerical modelling results. FLAC
and the ubiquitous joint model were applied to create models Rock bolts were incorporated in the
models so that the roadway response could be examined under different support patterns, Figure 2.7.
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Figure 2.7- FLAC simulated roadway failure with consideration of rock bolts (Zipf Jr, 2006)

2.1.1.3. Boundary Element Method
Unlike domain based-element method such FEM and FDM, Boundary Element Method (BEM) only
divides the boundary of the excavations into individual elements and the interior of the rock mass is
represented mathematically as an infinite continuum.
In problems with low ratio of boundary surface to volume, BEM is more applicable. Generally, BEM
method represents the excavation as negative tractions at its boundary (Figure 2.8). After discretising
the boundary surface, fictitious traction force is applied to each element in opposite direction with
the equal value. A mathematical iterative procedure is adopted to match the fictitious forces in such
a way that external shear and normal components are equal to internal negative shear and tractions
(Hoek and Brown, 1980).

Figure 2.8- (a) Assumed negative tractions representing the effects of excavation (b) fictitious forces
applied to discretized elements to represent the unknown negative tractions, (after Hoek and Brown,
1980)

BEM is particularly useful when linear elastic behaviour can be assumed for a rock mass (hard rocks
and low in-situ stress). The major application of the BEM approach in underground openings is to
evaluate the stress distribution around the opening. Relatively simplistic BEM can provide useful
simulation of stress redistribution around coal mine roadways (Islam et al., 2009).
Clifford (2004) used the BEM approach to model the three-dimensional stress redistribution around a
longwall panel. The stress output from the BEM was then used as input for a more detailed twodimensional FDM of roadway behaviour. Clifford (2004) suggested that results from a combination of
modelling methods may provide useful insight for particular problems.
Simple deformation and failure analysis can also be carried out using BEM approach. The simulated
deformation of an opening by using BEM is just the elastic component of the deformation because
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the BEM system is elastic. The rock failure around the extraction in a BEM model is typically identified
when the ratio of the rock mass strength to the stress is less than 1. The deformation and failure
analysis using the BEM approach is quite simple and usually is used for initial evaluation of the opening
behaviour (Unver and Yasitli, 2006a).

2.1.2. Discontinuum Methods
In discontinuum based methods, rock mass is modelled as a separate element. These elements are
modelled using continuum models and they are interacting with the surrounding elements through
plasticity and stiffness of the joints. Failures like sliding or rotation can occur along element boundaries
(pre-existing joints). Compared with continuum methods, modelling of interfaces such as faults and
bedding planes are easier by applying discontinuum models (M. Board, 1989)

2.1.2.1. Discrete Element Method (DEM)
In Discrete element Method (DEM), a rock mass model is composed of a series of blocks and facture
planes. In DEM, each element is containing independent particles which are in relation with neighbour
particles by boundary contacts that can process as a function of time. In this method, each element
has its own nodes and there is no common node between elements as it is in FEM and FDM. Elements
normally are presented as an intact rock and the spaces between the elements are shown as joints.
Fractured rock masses are typically modelled with this method especially when the rock fractures
spacing is larger than the size of the roadway and rock behaves as discontinuum domain (Pan and
Reed, 1991).
2.1.2.2. Discrete Fracture Network (DFN)
When the aim of modelling is to simulate fluid flow in jointed rock, Discrete Fracture Network (DFN)
is very useful (Jing and Stephansson, 2007). In DFN, jointed rock mass is considered as a network of
connected joint that let the fluid flow progresses through them (Jing and Hudson, 2002).
2.1.2.3. Discontinuous Deformation Analysis (DDA)
DDA method simulates the body of the domain as discontinuum and the FEM implicit solution method
is applied to solve the stress-strain behaviour of the individual. Unlike DEM where explicit solution
scheme is utilised and none of forces and stresses are known before calculation, displacement is
unknown in DDA same as FEM programs (Bobet, 2010).
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2.1.3 Hybrid Models
There is another model that is combination of continuum and discontinuum methods to use the best
properties of both methods optimizing the results and advance the computing power. Pan and Reed
(1991) studied that in coal mining area the combination of both DEM and FEM methods can provide
more realistic results.

2.2. Commercial Packages Used for Numerical Modelling In Mining
There are several software and programme packages in the market for modelling the underground
roadways and opening. A list of popular software packages is presented in Table 2.1:
Table 2.1- Popular softwares for modeling of underground excavations (Golchinfar, 2013)

2.3. FAILURE CRITERIA AND CONSTITUTIVE MODELS
Constitutive models and failure criteria are most important formulations in numerical modelling and
are controlling the failure process and corresponding displacement around the roadways. The
constitutive models define the relationship between stress and strain for both pre and post failure
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stages. The failure criteria determine the stress levels where rock fails. In fact, failure criteria represent
the peak point in the constitutive models.
As rock failure is really concerning in roadways; being able to predict the amount of stress
concentration is literally important. Regarding that, failure criterion is developed to help prediction of
rock stress concentration at failure point.

2.3.1. Rock Failure Criteria
Failure or strength of rock can be specified by rock failure or stress criteria. In underground roadway
stability analysis, a stress criterion is applied to estimate the failure stress at various confining stress
level. There several rock failure criteria proposed various researchers within the last decades but only a
few numbers of them are widely applied which have been discussed in the following sections.

2.3.1.1. Mohr-Coulomb
The most popular and simplest failure criterion in geomechanics is classical Mohr-Coulomb criterion.
This failure criterion represents a linear relationship between shear and normal stress acting on the
failure planes (Figure 2.9). Mohr-Coulomb criterion is based on cohesion c and friction angle φ.

Figure 2.9- Mohr-Coulomb failure criterion

Coulomb (1777) studied that in two-dimensional stress fields, material failure happens alongside a
plane due to shear stress acting on that plane. Failure of a plane will be resisted by frictional force which
is function of internal friction, the normal stress components, and internal cohesion. According to
Coulomb’s failure theory, required shear stress for failure increases linearly by increasing the normal
stress acting on the failure planes as following equation:
𝝉 = 𝒄 + 𝝁𝝈𝒏
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Equation 2.2

The parameter μ is frictional coefficient which is a function of friction angle (𝜑) and is defined as
following relation:
𝝁 = 𝒕𝒂𝒏𝝋

Equation 2.3

Mohr (1882) formalised the stress state at failure graphically which is called Mohr circles. This method
presents the Mohr-Coulomb failure criterion in principal stress space (
Figure 2.10, Figure 2.11). In this formulation, 𝜎1 and σ3 are maximum and minimum principal stresses,
and σc is uniaxial compressive strength (UCS) and they are related together as follows:
𝝈𝟏 = 𝝈𝒄 + 𝝈𝟑 𝑻𝑺𝑭

Equation 2.4

The TSF (triaxial strength factor) represents the slope angle of the line fitted to the triaxial data and
it is defined as follow:
𝑻𝑺𝑭 = 𝒕𝒂𝒏𝝍 =

𝟏+𝒔𝒊𝒏𝝋
𝟏−𝒔𝒊𝒏𝝋

Figure 2.10- Mohr-Coulomb criterion considering principal stresses (σ1 - σ3 )
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Equation 2.5

Figure 2.11- Shape of Yield surface in Principal stress space for cohesion less material - Mohr Coulomb
model (Plaxis, 2011)

2.3.1.2. Tresca Failure Criterion
Shear failure occurs when the shear stress along some plane is getting more than shear strength of
rock mass. In fact, Tresca failure criterion is a simplest form of the Mohr-Coulomb formulation. Tresca
(1864) survey showed that if maximum shear stress inside any planes of rock exceeds the cohesion or
shear strength of rock, the rock failure would happen as following equations:
𝒄 = 𝝉𝒎𝒂𝒙 =
𝒄=

𝝈𝟏 −𝝈𝟑
𝟐

𝝈𝒄
𝟐

Equation 2.6
Equation 2.7

Maximum shear stress is derived from Mohr’s stress circle, (Figure 2.12).

Figure 2.12- Mohr circle for two dimensional (plane) stress state (Hoek & Brown, 1997)
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2.3.1.3. Von Mises Failure Criterion
Von Mises (1913) failure criterion is using rotational symmetry of –plane which leads to a circular
cross-sectional shape of failure surface in three-dimensional stress spaces. This failure criterion is not
very popular in rock mechanics. The Von Mises criterion indicates the rock failure when square root
of the second invariant of deviatoric stress (J2) reaches a critical level. Parameter J2, relates the Von
Mises criterion to main principal stress differences as follows:
√𝑱𝟐 =

𝝈𝒄

Equation 2.8

𝟑

𝟏

√𝑱𝟐 = √𝟔 [(𝝈𝟏 − 𝝈𝟐 )𝟐 + (𝝈𝟏 − 𝝈𝟑 )𝟐 + (𝝈𝟐 − 𝝈𝟑 )𝟐 ] =

𝝈𝒄
𝟑

Equation 2.9

The Von Mises criterion was developed for metals and it has very limited application for rocks since it
defines failure mechanism which is independent of the confined stress magnitude. This assumption is
in contrast with the experimental observation since rock failure strength criteria increases while mean
confining stress is rising.

2.3.1.4. Drucker and Prager Failure Criterion
As Von Mises failure criterion does not fit the experimental observation and was originally developed
for metals, it has been extended by Drucker and Prager (1952) to be suitable for ground materials.
Drucker and Prager (1952) proposed new failure criterion by including the mean normal stress
component (J1) which is illustrated in Figure 2.13 and expressed as the following equation:
√𝑱𝟐 = 𝒌 + 𝜶𝑱𝟏

Equation 2.10

where α and k parameters are material constants and J1 is defined as follows:
𝟏

𝑱𝟏 = (𝝈𝟏 + 𝝈𝟐 + 𝝈𝟑 )
𝟑

Figure 2.13-Drucker and Prager failure criterion
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Equation 2.11

The constant parameters of k and α are related to the cohesion and internal friction of the material.

2.3.1.5. Hoek Brown Failure Criterion
Experimental test results in lab showed that the relation between stress at the failure point and
applied confining stress is not linear. Hoek and Brown (1980) developed an empirical criterion that has
a nonlinear form as follows for intact rocks:
𝝈𝟏 = 𝝈𝟑 + (𝒎𝝈𝒄 𝝈𝟑 + 𝝈𝟐𝒄 )𝟎.𝟓

Equation 2.12

Where m is material parameter and σc is uniaxial compressive strength of intact rock. Although the
material constant of m is claimed to be related to the friction angle of rock, no one proposed a
mathematical formulation between them (Fjaer et al., 2008). This could be counted as a disadvantage
of Hoek-Brown failure criterion since the material constant m could not be evaluated based on the
experimental data or well logging data. The range of the material constant m varies from 5 to 30
depends on the rock types (Hoek and Brown, 1997). The predicted ratio of compressive to tensile
strength by Hoek-Brown criterion is higher than the value predicted by Mohr-Coulomb criterion.
Accounting that, Hoek-Brown criterion is closer to experimental observation (Jaeger et al., 2007). The
empirical-based Hoek-Brown failure criterion in three-dimensional stress fields has the form
presented in Figure 2.14.

Figure 2.14- Shape of Yield surface in Principal stress space for cohesionless material- Hoek Brown
model (Plaxis, 2011)

2.3.1.6. Griffith
Griffith developed a failure criterion by analysing of micro-cracks in a two-dimensional model under
both tensile and compressive conditions (Griffith, 1921; Jaeger et al., 2007). He worked out that microcracks expansion process starts at the tip of the crack and if tensile stress exceeds a critical level it
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results in more cracking process. Compressive stress may cause expansion of micro-cracks in an
anisotropic stress state. The stress condition at the tip of crack becomes tensile due to the orientation
of stresses at skew angle related to maximum principal stress (Fjaer et al., 2008). Based on this
assumption, Griffith formulation has the following format:
(𝝈𝟏 − 𝝈𝟑 )𝟐 = 𝟖𝑻𝟎 (𝝈𝟏 + 𝝈𝟑 )
Equation 2.13

𝜎3 = −𝑇0
𝑻𝟎 =

if

𝜎1 + 3𝜎3 < 0

𝑪𝟎
𝟖

Equation 2.14

In σ-τ plane, Griffith criterion is described as follow:
𝝉𝟐 = 𝟒𝑻𝟎 (𝝈 + 𝑻𝟎 )

Equation 2.15

The Griffith criterion has a parabola curve in two-dimensional principal stress spaces which is steeper
in low confining stress and closer to straight line in high confining stress.
Griffith presented the ratio of uniaxial compressive strength to uniaxial tensile strength in range of
10-15. This range of constant ratio is lower and closer to lab test results which seem practical (Fjaer
et al., 2008). However, since the Griffith is a single variable function, it is very hard to fit it to the triaxial
data properly.

2.3.2. Constitutive models
In rock mechanics, the relation between stress and strain of the rock masses that is defined as
constitutive model has the most significant importance. It is particularly critical to adopt a proper
constitutive model to predict realist behaviour for rock mass by using numerical modelling methods.
However, none of the proposed constitutive models are satisfying all the aspects of rock behaviour.

2.3.2.1. Elastic model
The elastic model establishes the simplest representation of the rock mass behaviour accounting for
Hooke’s law. Elasticity is the basic of this model. Young’s modulus and Poisson’s ratio are the main
parameters of this simple model. In this model, increasing stress results in growing strain. While there
is no failure plane in this model, increasing load can raise the stress infinitely (Figure 2.15).
Considering strength and stiffness of the hard rocks, elastic constitutive model has been used in hard
rocks mining widely (Hajiabdolmajid and Kaiser, 2003; Meyer, 2002). Before starting complicated
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modelling, engineers apply this model to get a preliminary estimation of the stress distribution around
the excavations.

Figure 2.15- Elastic model

The elastic constitutive model is useful to model the behaviour of rock before yielding and failure.
Since this model does not have any failure point, it is capable to simulate the behaviour of the rock
mass and stress condition after yielding and failure. The constitutive models capable of modelling the
post failure relation between the stress and strain have been proposed for failure simulation of the
rocks. Following sections presents the main elastic-plastic constitutive models.

2.3.2.2. Elastic Perfectly Plastic Model
The linear elastic-perfectly plastic model, as its name dedicates is adopting Hook’s law and Mohr
Coulomb failure criterion for elastic and plastic stage of rock behaviour respectively (Smith and
Griffiths, 2004).
Utilising this model helps engineers to get a brief estimation about behaviour of rock. This model
assumes that rock keep its peak strength at the yield value after failure no matter how much
deformation happens (Harvey and Meyer, 2002) as shown in Figure 2.16. Therefore, this model is not
proper to determine reasonable deformation corresponding to the stress induced by the rock failure.

Figure 2.16- Elastic perfect plastic model
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2.3.2.3. Elastic Brittle Plastic Model
In this model, after load exceeds the peak strength, the rock would fail, and stress reaches to a new
equilibrium state at the residual strength value. Rock strength will drop to the residual fatigue value.
The residual strength is much lower than the peak stress comparing to elastic model and elasticprefect plastic model. This sharp dropping of the stress at peak strength dedicates brittle failure
behaviour (Figure 2.17).
In Hoek and Brown form of elastic- brittle plastic constitutive model, the post peak behaviour of brittle
rocks can be simulated assigning residual constant numbers to Hoek and Brown model (Hoek & Brown,
1997).

Figure 2.17- Assumed elastic brittle plastic behavior of massive brittle rock, (after Hoek & Brown, 1997)

2.3.2.4. Strain Softening Model
Hajiabdolmajid et al. (2002) discussed that in the brittle rocks, mobilization of cohesion and frictional
strengths of rocks are not happening at the same time. They showed that a significant amount of
cohesive strength is lost at post peak behaviour and the frictional strength mostly controls the post
peak behaviour of the rocks. Wilson (1980) also implies the necessity of keeping low residual cohesive
strengths while keeping the residual frictional value same as its peak number. The Wilson ‘s suggestion
can be implemented in Mohr coulomb model by dropping the cohesive strength to a low residual
value while keeping the frictional strength (friction angle) value same as peak value. This modelling
procedure has been commonly been used to predict the post yield behaviour of coal measures rocks
(Coggan et al., 2012). Both findings demonstrate that the peak strength of rocks is gradually reduced
to its residual values (Figure 2.18).
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Figure 2.18- Strain softening behavior of rock (Ruijie et al. 2019)

2.3.2.5. Plastic Strain-Dependent Cohesion-Weakening Frictional-Strengthening
Model
Martin (1997) demonstrated that in the brittle rock failure, the cohesive strength is gradually
weakened by tensile cracking in the early stages of loading, and the frictional strength component is
mobilised when the cohesive strength component is significantly reduced. Therefore, a constitutive
model capable of capturing the cohesion loss and frictional strength mobilization can simulate the
brittle rock failure process with more reliability. Hajiabdolmajid et al. (2002) adopted this approach
with introducing a plastic strain-dependent, Cohesion-Weakening Frictional-Strengthening model
(CWFS). The CWFS model incorporates a strain-softening behaviour at the post-peak stage. They
developed a fish code in FLAC which in the post-peak cohesion and friction angle were depended to
the plastic shear strain (Figure 2.16). Using the CWFS model and the calibrated strength parameters,
Hajiabdolmajid et al. (2002) simulated the V-shaped notches observed at the Mine-by tunnelling case
with a reasonable accuracy (Figure 2.19).
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Figure 2.19- (a) Simulation of the V-shaped notches by the CWFS model in FLAC; red and green color
indicate the elements failed in shear and tension, respectively; (b) Strength envelopes used in the
modeling . both by Hajiabdolmajid et al. (2002)
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Chapter 3 - FEASIBILITY STUDY OF BI-AXIAL TENSILE
CONFINEMENT-COMPRESSION TEST
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3.1. BACKGROUND
Failure criterions present the relation between confining stress and corresponding failure stress for
rock samples (it will be called the strength curve in this paper). If the point representing the maximum
and mining stress components sits on or above the strength curve, rock sample will be failed under
applied stress components.
Mohr-Coulomb has a simple linear form and is one of the most used criteria in rock mechanics. This
criterion proposed that the compressive failure stress rises linearly by increasing the confining stress
(Wilson, 1980). To simulate the non-linear strength curve of rocks by using Mohr-Coulomb linear
criteria, one can use bi-linear or multi-linear relations to simulate the non-linear curve by MohrCoulomb criteria. Then each line will have various slopes (it is called Triaxial Strength Factor (TSF) in
this paper) for a certain range of confining stress. Since the change in strength of the rock at lower
confining stress is higher compared to strength changes at higher confining stress, the TSF value will
have higher value at lower range of the confining stress.
Hoek-Brown (1980) used an empirical equation with non-linear form to capture the non-linear
behaviour of the strength curve for intact rocks.
These failure criterions were developed to capture the confined rock behaviour (conventional triaxial
stress conditions, σ1 > σ2 = σ3 ). As the tension strength of rock estimated from Mohr-Coulomb
criteria is much higher than the experimental data (Jaeger et al., 2007), then a tension cut-off is
imposed to the Mohr-Coulomb linear curve to match the reality.
The shear and extension (tensile) failure modes are two possible failure modes for rock under triaxial
loading condition. Both failure modes have been widely accepted by industry and academics and are
involved in all commercial numerical modelling software (Itasca2011). The shear failure mode is
happening when the applied maximum principal stress exceeds the confined strength of the rock. The
commonly used conventional triaxial test provides data for the compression side of the strength curve.
Based on Mohr-Coulomb failure criteria, the shear plane oriented at π⁄4 − φ⁄2 angle to σ1 . For
tension failure, the minimum principal stress is positive and is higher than tensile strength of the rock.
The tensile strength of rocks is determined directly by tensile test or indirectly by conducting the
Brazilian test on disk shape samples. These two failure modes are generated under two specific stress
states in laboratory (regions 1 and 3 in Figure 3.1). Therefore both failure criterions do not provide a
clear explanation for the failure mode in tension side of the strength curve where the minimum
principal stress is tensile and is less than the tensile strength of the rock (region 2 in Figure 3.1).
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Figure 3.1- Failure modes modelled by commonly used failure criterions (Zoorabadi et al., 2017)

Ramsey & Chester (2004) studied the transition between tensile failure and shear failure for the first
time. They applied tensile stress to the ends of the confined dog-bone samples (Figure 3.2) and
investigated the transition between the failure modes and the possibility for hybrid failure mode. This
study followed by Rodriguez (2005) and Bobich (2005).

Figure 3.2- Ramsey and Chester laboratory experiments to assess the transition from tensile failure to
shear failure. a, loading condition. b, observed failure modes (Ramsey & Chester, 2004)
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These researches showed that the failure mode for the lower confining stress is tensile and shear
failure is the dominant failure mode for higher confining stress. For the confining stresses between
these two ends, the failure mode is hybrid (a combination of tensile and shear failure). The angle
between the shear failure plane and maximum principal stress increases with confining stress
increases (Figure 3.3).

Figure 3.3- Angle between failure plane and maximum principal stress (Ramsey & Chester, 2004)

Additionally, they found that the tensile strength increases with increasing the confining stress (Figure
3.4). A similar behaviour was also observed by Hoskins (1969) by investigating the failure mode for
thick-walled hollow cylinders of isotropic rocks.

Figure 3.4- Tensile strength increases with increasing of the confining stress (Bobich, 2005)
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In all above-mentioned studies (Figure 3.2), the compression confining stress applied to the sample
and then it was loaded till failure by tensile stress. Therefore, they were not directly simulating the
loading condition at region 2 of the Figure 3.1 with tensile confinement and compressive axial stress.
In fact, in this region, the minimum principal stress is tensile, and sample is loaded to fail by
compression stress.

3.2. APPROACH
A testing method has been designed to simulate the failure mode of rocks in tensile side of their
strength curves. This testing method includes a loading frame to apply biaxial tensile confinement to
lateral sides of a cubic sample and applying compression stress on upper and lower sides of the
sample. Following steps have been accomplished to assess the feasibility of this testing method:
1. Design a frame to have enough capacity to bare tensile stress.
2. Manufacturing the designed machine by available material in the lab
3. Considering the machine capability, suitable sample selection by measuring their UCS and
tensile strength is another step
4. Suitable sample selection
5. Adhesive selection
6. Testing trial

3.3. BI-AXIAL TEST MACHINE DESIGN
To study the behaviour of a specimen at tensile side of σ1- σ3 diagram, tensile and compressive forces
are applied on a cubic shape specimen. There is a need to manufacture a apparatus to apply bi-axial
tensile force from sides of the cubic sample at the specific value while it’s under increasing
compressive load along third axis. It is supposed to increase the compressive stress gradually till the
specimen reach to failure point and fractures to specify a (σ1, σ3) failure point. If tests are done
successfully, it might be possible to predict an accurate curve in this area to establish the failure mode
and pathway.
In that regard, to apply bi-axial tensile stress on the lateral faces of cubic specimen, a special frame is
supposed to be designed and manufactured. This loading field simulates the tensile minimum principal
stress (σ3). Figure 3.5 shows the schematic view of loading frame.
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Figure 3.5- Schematic plan view of bi-axial tensile test work frame

The loading frame should have the capacity to design the tensile load. Therefore, in the following
section (3.1.1) the design procedure for this frame is presented.

3.3.1. Work Frame Design Calculation
The load applied to the frame can be treated as a point load applying to a beam. The beam itself is
supported at two points at both ends. Therefore, the boundary condition at the ends of the beam is
similar to the pin which cannot carry a moment. (Figure 3.6, Figure 3.7)

Figure 3.6- Free diagram for work frame during loading
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Figure 3.7- Free diagram of framework

In Figure 3.6, a steel hollow rectangular beam is loaded at the centre by load P (L/2 distance from one
support in x direction). It has a pinned contact at both ends. The hollow rectangular beams are the
ones which withstand forces of bending and shearing plus they are resistant to torsional forces.
At this stage of analysing the beam problem, the intent is to find out the maximum load that this beam
can sustain while maximum deflection to be less than L/250 (m/m).
To manufacture the testing frame, the selected steel hollow rectangular beam’s geometry and
dimensions are presented in Figure 3.8.

Figure 3.8- Hollow rectangular steel beam shape and dimensions

Where b0 is outer width of section, d0 is outer depth of section, bi is inner width of section and di is
inner depth of section. After having discussion with technical staff of laboratory, it was supposed to
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calculate the maximum allowable load for an available hollow rectangular frame with following
geometrical dimensions to design the machine:
b0=50 mm, d0=25 mm, wall thickness=3 mm.
It is assumed that the steel has an elastic modulus of E=200 GPa and bending strength (yield strength)
of 350 MPa.
If bending stress exceeds the materials yield strength, the beam will be permanently deformed and
not return to its original shape which is not acceptable. The maximum allowable deflection (𝛿𝑚𝑎𝑥 ) of
the beam with length (L) of 0.4 m is calculated as follow:
𝑳

𝜹𝒎𝒂𝒙 =

𝟐𝟓𝟎

=

𝟒𝟎𝟎
𝟐𝟓𝟎

𝒎𝒎 = 𝟏. 𝟔 𝒎𝒎

Equation 3.1

Therefore, the maximum load (P) that can be applied to the steel hollow rectangular beam with above
mentioned characteristics can be calculated as follows:
𝜹𝒎 .𝑬.𝑰𝒚𝒚

𝑷 = 𝟒𝟖

𝑳𝟑

= 𝟒𝟖 ∗

𝟏.𝟔( 𝒎𝒎).𝟐𝟎𝟎(𝑮𝑷𝒂).𝟑𝟗𝟗𝟓𝟓(𝒎𝒎𝟒 )
𝟒𝟎𝟎𝟑 (𝒎𝒎𝟑 )

= 𝟗. 𝟓𝟗 𝒌𝑷𝒂

Equation 3.2

Where:
𝑰𝒚𝒚 =

𝒅𝒐 𝒃𝒐 𝟑
𝟏𝟐

−

𝒃𝒐 𝒅𝒐 𝟑
𝟏𝟐

= 𝟑𝟗𝟗𝟓𝟓 𝒎𝒎𝟒

Equation 3.3

The bending moment which is essential for calculation of the maximum allowable bending stress is
determined by following equation:
𝑴𝒃 =

𝑷.𝑳
𝟒

=

𝟗.𝟓𝟗(𝑲𝑵)∗𝟒𝟎𝟎(𝒎𝒎)
𝟒

= 𝟗𝟓𝟗 (𝑵. 𝒎)

Equation 3.4

Then the maximum allowable bending stress will have the following formulation and value:
𝜎𝑚𝑎𝑥 =

𝑀𝑏 . 𝑋𝑐 959 (𝑁. 𝑚) ∗ 12.5 (𝑚𝑚)
=
= 300.025 (𝑀𝑃𝑎) < 350 (𝑀𝑃𝑎) 𝑌𝑖𝑒𝑙𝑑 𝑠𝑡𝑟𝑒𝑛𝑔𝑡ℎ
𝐼𝑦𝑦
39955 (𝑚𝑚4 )
Equation 3.5

Since the maximum bending stress and deflection are lower than yield strength and allowable
defection, the selected hollow rectangular beam would be suitable for applying tensile force up to
9.59 kN to the specimen.
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3.4. SUITABLE SPECIMEN SELECTION
After designing and manufacturing the testing machine with available materials at workshop, there is
a surge to find out suitable specimen to be able to perform the test in range of machine capacity.
Samples are cubic shape and 50mm*50mm*50mm in size that is suitable for doing the test with biaxial testing machine. In order to get the suitable specimen, there are some UCS and Brazilian tests
need to be done to determine the maximum tensile strength of each specimen. Knowing UTS makes
it possible to decide whether that specimen is suitable to do test with our testing machine capability
or not.
In that regard UCS and Brazilian tests are done on both Sandstone and casting plaster samples.

3.4.1. Uniaxial Compression Test (UCS)
Uniaxial compression tests require a careful test set-up and strict specimen preparation.
Requirements for specimen preparation and testing are discussed in ASTM D-2938-86 and in the ISRM
suggested methods (Bieniawski and Bernede, 1979). End effects can also be important especially if
the load platens are not chosen accordingly. End platens can create lateral restraint and a stress state
far from being uniaxial. The ideal platens would be made from a medium that has same lateral
expansion as the rock being tested.
For all UCS tests, Instron Compression Machine was used to apply load (Figure 3.9).
Three series of UCS tests were done on Sandstone and casting plaster specimens. Testing carried out
on the following specimens:
-

Six similar rectangular cubic Hawkesbury sandstone.

-

Three similar cubic sample of wet casting plaster (1000gr Casting plaster+700gr water)

-

Six similar cubic sample of dried casting plaster after 72 hrs in the oven at 50 ‘C (1000 gr casting
plaster+700 gr water)

The UCS of a rock specimen is calculated using the below formula:

UCS =

P
A

Where:
-
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P = Failure Load (kN)
A = Cross sectional Area of specimen (m2)

Equation 3.6

Figure 3.9- UCS Loading Machine

The test was performed using a displacement control of 0.3 mm per minute. The piston was gradually
loaded until the sample failed. The piston was reset, and the shield and sample removed. The peak
load was then recorded for the sample. After the sample failed, the pieces of the sample intact enough
for analysis were then used to determine an angle of failure by taking a protector and determining
the angle between the failure plane and the bottom of the sample. This process was then
repeated for all samples.
During each loading, the computer produced a graph of the load on the sample versus the
displacement of the piston, as shown in Figure 3.10, which was later used to determine the elastic and
secant module of the sample.
The sandstone samples were all roughly 100mm in length with square section of about 50mm*50mm.
Casting plaster samples were all in cubic shape of about 50mm*50mm*50mm.
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Figure 3.10- Graph showing peak load versus Extension(for sandstone sample No.4)

The results of the tests for sandstone, wet casting plaster and dried casting plaster samples are in
the tables Table 3.2, Table 3.1 and Table 3.3as follows:
Table 3.1- Results for wet casting plaster for uniaxial compressive strength (UCS)

Sample No.

2

3

L1

mm

49.27

48.39

48.54

L2

mm

50.95

50.14

50.13

L3

mm

49.08

48.69

48.24

L4

mm

51.01

50.03

50.23

Lm

mm

50.08

49.31

49.29

Hm

mm

50.19

50.5

50.6

Surface(A)

mm2

2507.76

2431.72

2429.01

Lm/Hm

-

1.00

0.98

0.97

1%

1%

1%

Strain Ratio
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1

Max Load

kN

10.39

9.66

9.54

UCS (σc)

MPa

4.14

3.97

3.93

STDEV

MPa

0.11

Average σc

MPa

4.01

Table 3.2- Results for Sandstones rock for uniaxial compressive strength (UCS)

Sample No.

1

2

3

4

5

6

L1

mm

50.52

50.67

51.28

50.95

50.15

51.14

L2

mm

50.82

51.27

50.79

51.26

50.48

51.31

L3

mm

50.67

51.03

51.42

50.91

50.27

50.37

L4

mm

50.08

50.72
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50.68

49.70

50.61

H1

mm

100.55

100.72

99.8

100.42

100.4

100.26

H2

mm

100.67

100.41

100.86

100.54

100.73

101.08

H3

mm

100.45

100.84

100.17

100.17

100.82

100.86

H4

mm

100.56

100.35

99.69

100.38

100.65

100.73

Lm

mm

50.52

50.92

51.12

50.95

50.15

50.86

Hm

mm

100.56

100.58

100.13

100.38

100.65

100.73

Surface(A)

mm2

2552.52

2593.10

2613.51

2595.90

2515.02

2586.49

-

0.50

0.51

0.51

0.51

0.50

0.50

mm/min

0.5

0.3

0.3

0.3

0.3

kN

63.43

64.13

47.72

81.39

68.17

60.61

UCS (σc)

MPa

24.85

24.73

18.26

31.35

27.10

23.43

STDEV

MPa

4.30

Average σc

MPa

24.96

Lm/Hm
Strain Ratio
Max Load

Angle of Shear
Failure

β

69.5

69.76

65.38

63.09

63.5

66.25

Friction Angle
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49.52

40.76

36.18

37

42.5

52

Table 3.3- Results for wet casting plaster for uniaxial compressive strength (UCS)
Sample No.
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1

2

3

4

5

6

L1

mm

49.38

48.87

48.45

47.8

48

47.63

L1'

mm

49.27

48.39

47.92

48.56

47.47

47.78

L1"

mm

48.94

48.36

48.01

48.05

47.48

48.32

L2

mm

51.02

50.11

50.1

50.11

50.13

50.4

L2'

mm

50.95

50.13

50.13

50.18

50.15

50.34

L2"

mm

50.85

50.14

50.11

50.27

50.14

50.35

L3

mm

49.4

49.27

48.4

47.34

48.16

47.78

L3'

mm

49.08

48.69

48.24

47.91

47.73

48.08

L3"

mm

48.81

48.54

48.19

47.47

47.84

48.58

L4

mm

51.04

50.05

50.08

50.09

50.04

50.41

L4'

mm

51.01

50.03

50.02

50.11

50.04

50.33

L4"

mm

50.89

50.15

50.23

50.06

50.08

50.36

H1

mm

50.36

50.41

50.8

50.33

50.08

50.15

H2

mm

50.23

50.42

50.56

50.34

51.05

50.15

H3

mm

50.14

50.44

50.57

50.27

51.03

50.16

H4

mm

50.26

50.70

50.81

50.29

51.04

50.13

Lm

mm

50.05

49.39

49.16

49.00

48.94

49.20

Hm

mm

50.25

50.49

50.69

50.31

50.80

50.15

Surface(A)

mm2

2505.34

2439.78

2416.38

2400.59

2394.96

2420.31

Lm/Hm

-

1.00

0.98

0.97

0.97

0.96

0.98

Strain Ratio

mm/min

0.3

0.3

0.3

0.3

0.3

0.3

Max Load

kN

26.07

24.32

27.23

25.75

24.18

24.47

UCS (σc)

MPa

10.41

9.97

11.27

10.73

10.10

10.11

STDEV

MPa

0.49

Average σc

MPa

10.43

The sandstones rock tests show they are broken in shear mode as shown in Figure 3.11:

Figure 3.11- Picture showing the mode of failure of shearing in sandstone samples

During each loading of dried casting plaster samples, the computer produced a graph of the load on
the sample versus the displacement of the piston, as shown in Figure 3.12, which was later used
to determine the elastic and secant module for the sample.

Figure 3.12- Graph showing peak load versus Hydraulic Ram Extension (for dried casting plaster
samples No.1-6)

The casting plaster cubic samples failure mode was shearing and is depicted in Figure 3.13:
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Figure 3.13- Picture showing the mode of failure of shearing in Casting plaster samples

The average value of uniaxial compression strength tests’ results for sandstone, wet casting plaster
and dried casting plaster samples are in the Table 3.4:
Table 3.4- Results of sandstone, wet and dried casting plaster samples for uniaxial compressive strength
(UCS)

Material

UCS(MPa)

Sandstone

24.96

Wet casting plaster

4.01

Dried casting plaster

10.43

According to Table 3.4 and the capacity of manufactured work frame (10 MPa), there is a need to find
out tensile strength of sandstone and dried casting plaster to be able to select the proper specimen
material to run the final bi-axial tensile test.
By subjecting a sample to a controlled compressive displacement along a single axis, the change in
dimensions and resulting load can be recorded to calculate a stress-strain profile. From the obtained
curve, elastic and plastic material properties can then be determined. But as the intent was just to
measure the UCS value for samples, strain gage was not installed on the samples to calculate the
Young’s modulus (E). Therefore, according to available data and the strain recorded based on LVDTs
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distances, the E value that can be calculated from data is not the real value for sandstone. Considering
that, calculating the unreal value for that parameter would be ignored.

3.4.2. Brazilian Test
The purpose of the Brazilian Test is to indirectly measure the uniaxial tensile strength of rock
specimens.
Tensile Strength is defined as the ability of a material to resist uniaxial tensile loads without yielding
and fracture. In rock material it is difficult to apply Direct-Pull Uniaxial Testing. For this reason, indirect
methods such as the Brazilian Test are highly sought by engineers as they provide an easy, quick and
often more reliable method for determining the uniaxial tensile strength for rock specimens.
Experimental procedure is as per the Brazilian Test – ASTM D 3967 Standard.
The test was conducted using Brazilian test apparatus equipped with digital display unit to show
loading during the time. Sample is placed on specially fabricated steel cradle, and then mounted in
between the loading platens. This cradle ensures load acts tangentially on the disc-shaped sample and
consequently induces tensile fracture along its vertical diameter. Sample thickness (t) and diameter
(D) were recorded, and load was applied until sample failed under maximum compressive load (in kN).
Having the sample dimension and maximum compressive load (P) at failure point, the Brazilian Tensile
Strength (BTS) is obtained by using the following equation given by Gokhale (1960).

Figure 3.14- Parameter definitions

Referring to Figure 3.14- Parameter definitions, the tensile stress was determined from the following
equation:
𝝈𝒕 =

𝟐𝑷

Where,
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Equation 3.7

𝝅𝑫𝒕

P= applied force

D = diameter of the rock specimen
t = thickness of the rock specimen
The same machine used for UCS tests was utilised to apply load for Brazilian tests. Rock Specimens
were wrapped around their periphery with one layer of masking tape and mount squarely in the test
apparatus such that the curved platens load the specimen diametral with the axis of rotation for
specimen and apparatus coincident (Figure 3.15, Figure 3.16).

Figure 3.15- Curve platen and wrapping masking tape

Figure 3.16- Specimen in the test apparatus

Testing carried out on the following specimens:
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-

Eight similar sandstone sample with the origin of Hawkesbury.

-

Six sample of casting plaster (1000gr Casting plaster+750gr water)

-

Six sample of Casting plaster (1000 gr casting plaster+650 gr water)

-

Six sample with mixture of 250 gr casting plaster, 250 gr hydrocal and 275 gr water.

All tests data and results are shown as follows:
Table 3.5- Sandstones Samples

Sample No.

1

2

3

4

5

6

7

8

D1

mm

53.67

54.58

54.63

54.61

54.54

54.75

54.46

54.53

D2

mm

54.54

54.51

54.49

53.53

54.54

54.54

54.52

54.67

D3

mm

54.67

54.54

54.62

54.43

54.55

54.62

54.55

54.41

L1

mm

27.69

27.69

27.71

27.18

27.6

29.47

27.7

26.9

L2

mm

28.01

28.28

27.84

27.26

27.42

28.15

27.45

26.97

L3

mm

28.02

28.54

27.51

27.33

27.84

27.84

27.48

26.86

Dm

mm

54.29

54.54

54.58

54.19

54.54

54.64

54.51

54.54

Lm

mm

27.91

28.17

27.69

27.26

27.62

28.49

27.54

26.91

Loading
Rate

mm/min

0.25

0.25

0.25

0.25

0.25

0.25

0.25

0.25

Max Load

kN

6.99

6.50

4.90

6.5

6.5

6.5

5.93

6.42

σt

MPa

2.94

2.70

2.06

2.80

2.75

2.66

2.51

2.79

STDEV

MPa

0.26

Average σt

MPa

2.74

And some photos from sandstone Brazilian tests are displayed in Figure 3.17:
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Figure 3.17- Sandstone samples fractured after Brazilian test

As it is displayed in Table 3.5, the range of tensile test calculated from this test is between 2.06 and
2.94 MPa. And Figure 3.17 shows the perfect straight clean fracture of sandstone specimens.
According to this test it seems sandstone specimen is a suitable sample to do direct tensile test. So,
two different adhesives were used to stick metal platens to both side of 50*50*50 mm3 cubic samples.
Figure 3.18, displays platens that are attached to the sandstone cubic samples by Araldite and Organic
peroxide Resin:

Figure 3.18- Platen attachment to sandstone cubic samples by different glue

The intent to glue the platens to cubic samples is to do the direct tensile test to assess the strength of
the adhesives before trying them in the main frame to do the main test.
In order to find out the strength of the bond between platens and specimens, uniaxial direct tensile
test was done as it is displayed in Figure 3.19, Figure 3.20 with its results pictures as follows:
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Figure 3.19- Direct tensile test on sandstone cubic sample in compressing machine, Araldite glue fracture

As it is shown, the separation easily has happened along metal surface at about load 1kN that means
Araldite glue is too weak for our test in range of 10KN. So, the araldite is not sticking to the metal
surface very good. Considering that, another glue must be applied to test.

Figure 3.20- Direct tensile test on sandstone cubic sample in compressing machine, Organic peroxide
Resin fracture

It is clear from Figure 3.20, that organic peroxide resin also is separated easily from sandstone
specimen at stone cut surface at load 1.13 kN. This weakness might be because of the cut surface that
causes weakness of sandstone particles at that section.
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Considering above obstacles regarding the sandstone specimen and the limitation of designed testing
apparatus, the aim would be finding out some other materials that the uniaxial tensile strength of
their cubic samples(50mm*50mm) are less than 4 MPa (or 10kN).
In that matter, some other material mixtures are tested as follows to work out the one with uniaxial
tensile strength in range of 1MPa to 3MPa. Following tables show three mixtures that are in the
mentioned range of UTS:
Table 3.6- Casting Plaster+65% Water

Sample No.

1

2

3

4

5

6

D1

mm

55.34

53.31

55.34

55.82

54.19

55.43

D2

mm

54.42

54.43

55.34

55.62

53.76

55.56

D3

mm

52.95

54.16

55.54

55.4

53.37

55.02

L1

mm

29.43

28.78

28.61

29.53

28.51

29.26

L2

mm

29.4

28.81

28.86

29.77

28.59

29.14

L3

mm

29.77

28.78

29.03

29.77

28.48

29.72

Dm

mm

54.24

53.97

55.41

55.61

53.77

55.34

Lm

mm

29.53

28.79

28.83

29.69

28.53

29.37

Loading Rate

mm/min

0.2

1

1

1

1

1

Max Load

kN

6.60

5.55

6.62

6.11

6.10

5.96

σt

MPa

2.62

2.27

2.64

2.36

2.53

2.34

STDEV

MPa

Average σt

MPa

0.15
So much long crashing
(Deleted)

2.43

This mixture’s average indirect tensile strength is about 2.43. It is in the range.
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Table 3.7- Casting Plaster+70% Water

Sample No.

1

2

3

4

5

6

D1

mm

55.28

55.26

54.57

54.32

55.09

55.2

D2

mm

54.5

55.06

55.13

55.21

54.97

54.92

D3

mm

55.51

55.28

55.14

55.42

55.36

55.45

L1

mm

28.84

26.27

28.8

28.95

28.24

28.17

L2

mm

28.85

27.13

28.77

28.74

28.51

28.24

L3

mm

29.35

26.57

29.24

27.91

28.72

29.01

Dm

mm

55.10

55.20

54.95

54.98

55.14

55.19

Lm

mm

29.01

26.66

28.94

28.53

28.49

28.47

Loading Rate

mm/min

1

1

1

1

1

1

Max Load

kN

5.72

6.38

6.71

6.48

6.65

7.88

σt

MPa

2.28

2.76

2.69

2.63

2.70

3.19

STDEV

MPa

0.29

Average σt

MPa

2.71

It is shown in Table 3.7, the tensile strength calculated from Brazilian test for this mixture is in the
range of 2.28-3.19 MPa with average value 2.71MPa that is acceptable.
The last mixture’s tensile strength from Table 3.8, is a little bit higher than what is required to use
safely in manufactured testing framework.
After finding two new mixtures mentioned in Table 3.6 and Table 3.7, pulling test was done again.
However, the platens were separated from the samples again immediately after starting the tests.
So, there might be some problem with the glues that are not properly sticking the samples to the
platens. Or there is probably another source of fault due to the pulling rods mechanism that can cause
misalignment and reproducing momentum.
The conclusion for this test trial is that it seems the tensile test method needs more study. Either the
adhesive or pulling arms need more investigation.
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Table 3.8- 50% Casting Plaster+50% Hydrocal

Sample No.

1

2

3

4

5

6

D1

mm

55.49

54.08

53.25

55.26

54.63

53.42

D2

mm

55.3

53.54

54.17

55.22

55.16

53.63

D3

mm

54.78

53.56

54.2

55.34

55.34

53.91

L1

mm

28.68

29.4

30.18

29.5

30.73

29.68

L2

mm

28.86

29.64

30.09

29.47

30.8

29.64

L3

mm

28.98

29.44

30.25

29.71

30.73

29.54

Dm

mm

55.19

53.73

53.87

55.27

55.04

53.65

Lm

mm

28.84

29.49

30.17

29.56

30.75

29.62

Loading Rate

mm/min

0.2

0.2

0.2

0.2

0.35

1

Max Load

kN

8.68

6.61

7.77

7.29

8.33

7.82

σt

MPa

3.47

2.66

3.05

2.84

3.13

3.14

STDEV

MPa

0.27

Average σt

MPa

3.13

3.5. CHAPTER SUMMARY
The designed laboratory test includes a frame to apply tensile to the lateral sides of a cubic samples
(biaxial tensile loading). Then the frame along with sample could be placed between a compressive
loading frame to apply compression stress to the upper and lower surfaces of sample.
This feasibility study starts with designing the frame with the available materials and tools to sustain
the tensile stress loading conditions. Then several cubical rock samples and casted samples were
prepared to test the functionality of the designed frame. The prepared samples were tested to
determine their UCS and tensile strength.
The testing trials started with applying several type glues to mount the tensile loading pads to the
lateral sides of the samples. Then the pads glued to the samples were pulled to apply tensile stress.
Despite using different glue types with various glue thickness, all the pulling tests were unsuccessful.
Followings are the observations through these pulling tests:
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1. Misalignment of the pads glued to the lateral surfaces of the samples was very clear.
Considering the nature of glue which needs time to cure, it was very difficult to keep the lateral
pads and the road attached to them in the same line.
2. For rock samples, the cutting process to prepare a cubic shape leaves a damage zone with
various thicknesses on sides of the sample. These damaged zones are easily pulled out during
the loading and make is impossible to reach higher tensile loading.
3. For the casted samples, the final surfaces had undulations formed by shrinkage of casting
liquid. Therefore, the glue between pad and sample surface get various thicknesses.
4. The smoothness of the surface for the casted samples reduces the cohesive bond between
glue and samples.
5. The unsuccessful testing trials showed that the biaxial tensile loading using glue is not
practical. Therefore, other laboratory testing methods such as dog bone shape samples which
needs casting or cutting tools must be used to study the failure mechanism of the rock in
tensile side of their strength curve.
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Chapter 4 GEOLOGICAL
CHARACTERISTICS

65

AND

GEOTECHNICAL

4.1. INTRODUCTION
For all numerical models, a typical roadway excavated in Bulli seam was used as a case study. This
chapter presents the geological and geotechnical characteristics of Bulli seam. It starts with a brief
explanation about the overall geological conditions followed by rock strength assessment, and in-situ
stress regime. This information has been used to build the numerical models presenting the real
conditions.
Bulli seam belongs to Illawarra colliery which is a group of coal measures in Southern coalfields of the
Sydney Basin in Eastern Australia (Figure 4.1).
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Figure 4.1- New South Wales Coalfields (NSW Government, Department of Resources and Geoscience,
2019)

Lithic sandstone formations along with subordinate formation of the fine sediments and coal are
formed the stratigraphy of Illawarra Coal Measures. Maximum thickness of the Illawarra Coal
Measures reaches to approximately 520 m has approximately 40 km continuous outcrop (Figure 4.2).
The Narrabeen Group overlays right above Illawarra Coal Measures which consists lithic sandstone
(Coalcliff Sandstone) and a basal shale member. The Hawkesbury Sandstone is sitting above the
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Narrabeen Group (Figure 4.3). The Nepean fault zone is the main and dominant structure in Southern
coalfield which has a high angle. This fault zone experienced a relatively small displacement
(Hutton,2009).

Figure 4.2- An outcrop of Bulli seam (www.innerorbit.com, visited on 2019)

The Bulli seam is the main coal reserve in the Southern coalfield. Thickness of this seam varies between
2-3 m. The surrounding strata at a typical roadway scale consists of sandstone, Mudstone, Siltstone,
Claystone, and Shale. This coal extracted from this seam is used as coking coal for steal productions
(Hutton,2009).
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Figure 4.3- A cross section from Illawarra Coal Measures (South32, downloaded on 2020)
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4.2. GEOTECHNICAL CHARACTERISTICS OF ILLAWARRA COAL
MEASURES
The uniaxial and triaxial laboratory testing data for Illawarra colliery has been statistically analysed to
determine their strength properties. Table 4.1 presents the statistical results for Uniaxial Compression
Strength (UCS).
Table 4.1- Statistical UCS data (SCT Operations)

Average [MPa]

std. Deviation
[MPa]

Sandstone

Siltstone

Mudstone

Claystone

Shale

65.3

62.7
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50.2

60.3

27.6

29.6

30.2

25.2

30.5

This statistical analysis showed that except for Claystone, UCS of all coal measure rocks in Illawarra
colliery has approximately the same UCS ranges. The collected data also show that the maximum
water content of the tested samples was approximately 6%. Despite their relatively low water content,
the UCS of samples were significantly affected by water content (Figure 4.4).
160
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Figure 4.4- Water content of rock samples and its effect on the measured UCS (SCT Operations)

The elastic modulus of rocks is determined by the stress-strain ratio in its elastic region (ISRM, 1975).
This parameter is one of the basic mechanical properties of the rocks which is required for numerical
modelling. The elastic modulus is usually obtained from the uniaxial compression loading of the rock
samples.
The ratio between the UCS values of rocks and their elastic modulus (modulus ratio) has been used by
researchers to classify the intact rocks. Deere and Miller (1966) introduced three lines for modulus
ratio as 1) high modulus ratio with E/UCS over 500; 2) average modulus ratio with E/UCS from 200 to
500; 3) low modulus ratio with E/UCS less than 200 (Figure 4.5). Pells (1977) used same classification
for Hawksbury sandstone from Sydney Basin (Figure 4.6). Their data show that low modulus ratio was
dominant for the Hawksbury sandstone samples.

Figure 4.5- Engineering classification of intact rocks on basis of their UCS and elastic modulus (after
Deer and Miller, 1966).

This classifying approach has been applied to the data collected from Illawarra Coal Measures as
shown in Figure 4.7. The trend line between the elastic modulus and UCS for coal measure rocks in
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the Illawarra collieries shows a modulus ratio of 0.263 (GPa/MPa) with correlation coefficient of 0.55.
The coal measure rocks in the Illawarra collieries have mostly the average modulus ratio.

Figure 4.6- Deer and Miller classification for the Hawksbury sandstone (Pells, 1977)

As mentioned in Chapter 2, Mohr-Coulomb failure criterion correlates the axial stress at the failure
point (𝜎1 ) to the confining stress (𝜎3 ) through a linear formulation as follows:
𝝈𝟏 = 𝝈𝒄 + 𝑻𝑺𝑭 × 𝝈𝟑

Equation 4.1

In this formulation, TSF (Triaxial Strength Factor) represents the slope angle of the line fitted to the
triaxial test data. The collected data from triaxial tests of Illawarra coal measure rocks have been
statistically analysed to determine the variation range of the TSF for each rock types. The results of
this analysis are listed in Table 4.2.
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Figure 4.7- Correlation between elastic modulus and UCS for coal measure rocks in Illawarra Colliery
(SCT Operations)

Table 4.2- Statistical ranges of TSF for each rock type

Sandstone

Siltstone

Mudstone

Shale

Average

4.38

3.5

4.1

3.9

std. Deviation

1.1

0.8

0.9

1.2

In addition to the statistical range of TSF, the triaxial data have been analysed to determine the
variation range for Hoek & Brown failure criterion’s mi constant (Table 4.3).
Table 4.3- Statistical ranges of mi for each rock type

Sandstone

Siltstone

Mudstone

Average

10

6.8

9.6

std. Deviation

4.5

2.4

3.4
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The calculated range of mi for the coal measure rocks in Illawarra collieries is very different with range
proposed by Hoek & Brown (1997). For example, the proposed range of the mi for sandstone is 17 ±
4 (Hoek & Brown, 1997) which is very different with the determined range for the sandstones in
Illawarra colliery in this study. The range obtained for the siltstones are very close to the proposed
values (7 ± 2) by Hoek & Brown (1997).

4.3. IN SITU STRESS
Magnitude of the in-situ rock stress is a very important input parameter for any 2D numerical
modelling of the rock engineering projects. As a well-known practice, it is assumed that the rock stress
at depth consists of one vertical and two horizontal components (Amadei, Stephensson, 1997). This
assumption is reasonable particularly for sedimentary rocks away from major geological structures
where stress components might rotate (Figure 4.8, Figure 4.9).

Figure 4.8- Typical in-situ rock stress components
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Figure 4.9- In-situ rock stress components rotate in vicinity of the geological structures

The measured in-situ rock stress data in Australia (Nemcik et al., 2005) show that the vertical stress
magnitude increases with an average gradient of 2.5 MPa per 100 m. Therefore, it can be assumed
that the vertical stress would be approximately 12.5 MPa at 500 m depth below ground surface.
Nemcik et al. (2005) showed that unlike vertical stress, magnitude of the horizontal stress components
is highly depended to stiffness (elastic modulus) of the rocks. They explained this fact through tectonic
stress concept. Based on this concept, magnitude of the horizontal stress at any depth is a function of
the Poisson ratio’s impact of the vertical stress at that depth and the developed tectonic stress as
follows:
𝝈𝑯 =

𝝑
𝟏−𝝑

𝝈𝑽 + 𝑬 × 𝒕𝒔𝒇

Equation 4.2

where, 𝜗 is the Poisson’s ratio of rock, E represents the elastic modulus of rock, and 𝑡𝑠𝑓 is the Tectonic
Stress Factor. Based on this formulation, the rocks with higher elastic modulus attract higher
horizontal stress compared with the soft rocks. Nemcik et al. (2005) published the measured 𝑡𝑠𝑓 for
Australian coal measured rocks shown in Figure 4.10.

Figure 4.10- Range of measured Tectonic Stress factor in Australian coal mines (Nemcik et al., 2005)
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The measured stress in rock in the vicinity of Bulli seam show that the 𝑡𝑠𝑓 varies between 1.3-1.6 at
depth of around 500 m. In addition to this, the measured stress data show that the magnitude of the
maximum horizontal stress is approximately 1.5 times of the minimum horizontal stress.

4.4. SUMMARY
Bulli seam belongs to Illawarra colliery which has been overlaid by lithic sandstone (Coalcliff
Sandstone) and a basal shale member from Narrabeen Group. The Hawkesbury Sandstone is sitting
above the Narrabeen Group.
The average UCS of the strata overlaying the Bulli seam varies 50 to 65 MPa. The historical data
showed that the water content of the rock samples was maximum 6.2%. Despite this low water
content, the UCS of the rock samples was very sensitive to water content. The statistical analysis of
rock strength data shows a modulus ratio of 0.263 (GPa/MPa). Additionally, the average TSF and mi
values for the coal measure rocks varies between 3.5 to 4.4 and 6.8 to 10 respectively.
The measured in-situ rock stress data showed that the tectonic stress factor for Bulli seam at depth
around 500 m varies between 1.3 to 1.6.
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Chapter 5 - METHODOLOGY
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5.1. INTRODUCTION
The underground roadway development in coal mines disturbs the equilibrium state of the rock stress
and new stress distribution is formed around the roadway (Figure 5.1). When the newly distributed
stress in roof or floor exceeds the strength of the surrounding strata, it causes stress induced
fracturing. This failure process starts from the area with higher stress concentration and grows further
into the roof. The stress induced fracturing development is terminated somewhere deep into the roof
(Figure 5.2) where the triaxial strength of rocks or the shear strength of the bedding planes are high
enough to resist the failure (SCT’s Rock Mechanics manual, 2002).

Figure 5.1- Roadway excavation disturbs the equilibrium state of the in-situ stress (SCT’s Rock
Mechanics Manuals, 2002).

The failed zone in the roof loses its stand-up ability and deforms down into the roadway (Figure 5.2).
The magnitude of the roof displacement (deformation) depends of severity of the stress induced
fracturing and its extent into the roof. The roof monitoring data from Australian underground coal
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mines show a correlation between the extent of softening zone (roof failed zones) and roof
displacement (Figure 5.3).

Figure 5.2- Stress induced fracturing grows into the roof (SCT’s Rock Mechanics Manuals, 2002)

Figure 5.3- General relationship between roof displacement and height of softening zone (SCT’s Rock
Mechanics Manuals, 2002)
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The roadway roof displacement induced by stress induced fracturing must be limited by rock
reinforcement installation to avoid roof collapse which is a danger to the safety of mining operations.
Therefore, determining the failure modes, height of softening zone and finally the expected roof
displacement are the main designing steps of a safe underground roadway.
The numerical modelling methods have capability to simulate the stress distribution around the
roadways. But there are a wide range of constitutive models to simulate the stress induced fracturing.
As mentioned in previous chapters, this research is aimed to assess the impact of constitutive model
on the stress induced rock fracturing simulation around the roadways through numerical modelling.

5.2. SELECTED CASE STUDY
A roadway with width of 5 m and height of 3.2 m excavated at depth of 500 m in a Bulli seam has been
selected as case study for this research. In Chapter 3, the geological and geomechanical characteristics
of the Illawarra colliery have been presented. The Bulli seam is one of the main coal seams belonging
to the selected Illawarra colliery.
The geological and geophysical logs from the closest boreholes to this roadway have been used to
build a 2D numerical model. Figure 5.4 shows the UCS profile built for the surrounding strata.

Figure 5.4- Variation of UCS for the strata around the roadway

This

figure

shows

that

the

UCS

of

roof

and

floor

strata

varies

between

10 – 80 MPa and 22 – 60 MPa respectively.
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The UCS profile in Figure 5.4 presents the strength of the rocks at intact rock scale without considering
the impact of inhomogeneity on rock strength. The rock strength varies between a certain range due
to inherent inhomogeneity. For this study a standard division of 10 to 13 % of average UCS value is
considered and a random generating process to present the heterogeneity of each rock mass has been
used to implement this variability into the UCS data of the strata. Figure 5.5 shows the UCS variation
across the strata generated by this random process.

Figure 5.5- Random UCS generated with standard division 10-13 % of average UCS

The UCS of the rocks in the field scale is affected by pre-existing joints and bedding planes and it is
always lower than UCS data obtained from laboratory tests. In fact, the laboratory scale UCS should
be downgraded to represents the rock strength at field scale. The impact of the scale on UCS of the
rocks is well represented by Hoek and Brown (1997) shown in Figure 5.6 illustrating that the UCS
decreases with increasing size of the samples. The rate of decreases is higher for smaller size and this
rate decreases significantly for bigger sizes. This trend is presented as following equation:
𝟓𝟎 𝟎.𝟏𝟖

𝝈𝒄𝒅 = 𝝈𝒄𝟓𝟎 ( )
𝒅

Equation 5.1

Where, σcd is the UCS of the sample with diameter of d (mm), σc50 is UCS of a sample with diameter
of 50 mm. To keep similar condition for all ongoing numerical models, a ratio of 0.58 is considered
between field scale and laboratory scale UCS for all rock types. According to Figure 5.5, this ratio
represents a sample with diameter of 1 m. This ratio is equivalent with a downgrading ratio obtained
from GSI classification (Cai et al., 2004) method for a GSI value of 85-90 (Figure 5.7).
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Figure 5.6- Impact of sample size on UCS of rocks (Hoek & Brown, 1997)

Figure 5.7- Downgrading ratio obtained from GSI classification (Cai et al., 2004).
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A GSI value of 85-90 represents high end of GSI classification chart for “very well interlocked and
undisturbed rock mass blocks formed by three joint sets with the joint surface conditions of good and
very good” (Figure 5.8). It is well-known that the coal measure rocks in Sydney Basin have three main
discontinuity sets including one bedding planes and two joint sets perpendicular to the bedding
planes. At depth of 500 m, the joint surfaces do not have too much weathering and stress level is high
enough to provide confinement to interlock the rock blocks.

Figure 5.8- GSI table proposed by Cai et al., (2004)
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5.3. MODELLED STRESS REGIME
From Chapter 4, the tectonic stress factor varies between 1.3-1.6 for the mine roadway excavated at
depth of 500m. The tectonic stress concept has been implemented to develop the in-situ stress in the
model. Figure 5.9 and Figure 5.10 represent the vertical and horizontal stress distribution prior to
roadway excavation. As it can be seen in Figure 5.10, the horizontal stress within coal seam is lower
than the vertical stress due to its relatively lower elastic modulus which attracts lower tectonic stress.

Figure 5.9- Initial vertical stress distribution

Figure 5.10- Initial horizontal stress distribution
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5.4. ROOF DISPLACEMENT MONITORING DATA
The roof displacement data for this roadway have been gathered to be used as main controlling data
to assess the accuracy of the numerical modelling trials with various constitutive models. The roadway
behaviour has been monitored by the Rock-IT, Clock-IT and Gel extensometers installed at several
locations across the roadway. These monitoring instruments have been widely used in underground
coal mines to monitor the followings (SCT’s Rock Mechanics Manuals, 2002):
•

Immediate roof convergence.

•

Bed separation between strata.

•

Progressive height of softening zone.

•

Efficiency of the ground reinforcements.

•

Influence of the adjacent developments.

•

Influence of longwall retreat on the roadways.

All these extensometers have several anchors installed at the various depths in the roadway roof.
These anchors are connected to the reading scales (Rock-IT and Clock-IT) or reading units (Gels)
through wires. The recorded data for each anchor represent the roof displacement occurred between
that anchor and roadway roof. Therefor the recorded data for the deepest anchors represents include
the roof displacements recorded by all other anchors.
The Gels extensometer uses use LVDTs to record the roof displacement which provide a continuous
reading (Figure 5.11). Figure 5.12 and Figure 5.13 show the Rock-IT and Clock-IT which have been
commonly used in Australian coal industry.
Figure 5.14 provides information about the total roof displacement measured at 19 measuring points
across the roadways. These measurements show that the roof displacement varies between 44-255
mm with an average of 160 mm.
The total measured displacement began with 150 mm at first monitoring point, and then it decreased
gradually, hitting a low point of about 44 mm at 4th monitoring point. However, the displacements
experienced a sharp growth along the next three measuring points; it rose to approximately 230 mm
at 7th point. The total displacement grew slightly from 230 mm at 7th point to a peak of more than
255 mm at 10th point. Meanwhile, the displacements declined sharply at 8th point to about 120 mm.
After reaching a peak of 255 mm, the total displacement fell dramatically again to about 100 mm at
13th point. It had a steady increase afterward to reach less than 250 mm at 18th one, though there
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was a slight drop at the end. The average roof displacement recorded throughout development of
this roadway was approximately 160 mm.

Figure 5.11- Gels extensometer with five anchors and LVTDs unit

Figure 5.12- Rock-IT extensometers (SCT’s Rock Mechanics Manuals, 2002)
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Figure 5.13- Clock-IT extensometer (SCT’s Rock Mechanics Manuals, 2002)

Figure 5.14- Total roof displacement measured at 19 measuring points
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Since the total roof displacement is controlled by extension of the stress induced fracturing zone
(softening zone), the measured displacements across the roadway show variable depth of the
softening zone in the roof. The variable depth of the softening zones in the roof can be explained by
the following controlling parameters:
•

Variability of roof strata strength across the roadway.

•

Local stress regimes.

•

Variable bedding parting and lamination across the roadway.

Figure 5.15 shows the roof deformation recorded by a 4-anchors extensometer throughout the
roadway advancement.

Figure 5.15- Roof deformation at various depths recorded by multi-points extensometer

As can be seen in Figure 5.15, the roof displacements increase significantly with the roadway
advancement which is a well-known underground behaviour. This behaviour is explained by support
influence of the roadway face to the adjacent roof through providing confinement (Hoek & Brown,
1990). The confining stress provided by the rock at the roadway face increases the strength of the
rocks in the adjacent roof. Therefore, rocks can resist the stress concentration caused by the roadway
excavation. The confining influences of the rock at roadway face decreases by increasing the distance
between the measuring point and the roadway face. Then the stress induced fracturing can grow
further into the roof and causes more roof deformation.
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The data recorded at this monitoring point show that the depth of softening zone in the roof grew to
not more than 7 m into the roof. These monitoring data including average roof displacement and
depth of softening zone are used as controlling measures to assess the accuracy of the numerical
simulations of the roadway with different constitutive models.

5.5. GROUND REINFORCEMENT
For the chosen case study, the ground reinforcements installed during the development included:
1. 8 fully grouted bolts 2.1m in length and loading capacity of 28 tonnes were modelled in the
roof. The spacing of the roof bolt across the roadway is 1 m.
2. 2 fully grouted bolts with length of 1.5m and loading capacity of 18 tonnes were installed in
each rib. The spacing for rib bolts was 1.5 m.

5.6. NUMERICAL MODELLING METHODOLOGY
FLAC2D has been used for this research. This software provides a unique FISH coding capability to
develop user defined constitutive models and has been commonly used by several rock mechanics
researchers. The FISH coding capability for FLAC2D was used to have a consistent modelling approach
for the implemented constitutive models. The flowchart for the developed modelling approach is
shown in Figure 5.16.
The numerical model built for this research has 55×48 m dimensions and uses an element (zone) size
of 20 cm × 10 cm (20 cm in horizontal direction and 10 cm in vertical direction). The upper boundary
of the models was free to move in both x and y directions. The both sides of the models were fixed in
x-direction and the lower boundary were fixed in both x and y directions.
After defining the model properties, the vertical and horizontal stresses were initialised, and model
run to get the equilibrium state prior the roadway excavation. When the model reached the initial
equilibrium state, the grid’s displacements and velocities developed through this process were set to
zero. The model was ready to simulate the roadway excavation and the stress induced fracturing.
In the most underground coal mines, the rock reinforcement systems are installed 3-5 m behind the
face. The roadway deformation (roof, floor and rib deformations) is a 3D parameter and starts from
some point ahead of the face. Therefore, the roadway experiences sort of deformation before
installation of the rock reinforcement. In fact, the coal within the face acts as a supporting element
and it limits the roadway deformation for the cross sections close to the face. The supporting impact
of the face reduces with increasing of the distance between a cross section to the face.
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Since there is no direct way to simulate this behaviour in 2D, indirect approach should be applied. In
this research, a normal stress is applied to the internal roadway boundary before activation of the
support elements and reduced gradually to simulate the supporting impact of the face. For each
applied normal stress level, model ran for at least 2000 steps. After reaching to a normal stress close
to zero, the support elements in roof and ribs are activated and model run to get equilibrium
condition.

Figure 5.16- Numerical modelling approach

As mentioned, FISH coding capability has been used to develop a consistent modelling process for all
the investigated constitutive models. For each constitutive model, the developed FISH code compares
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strength of the zone (triaxial strength, tensile strength, and shear strength of bedding plane if that
zone includes a bedding plane) with its stress. If the distributed stress exceeds the strength, the
constitutive model is changed from elastic to the selected constitutive model. Then the following
failure modes have been assigned to that zone considering the stress and strength of that zone:
•

Failure mode of “1” when a shear failure occurs in the compression side of the strength curve.
The minimum principal stress in the zone is in compression and the maximum principal stress
is bigger than the calculated triaxial strength of the zone.

•

Failure mode of “2” when a tensile failure occurs. The confining stress is tensile and is bigger
than the tensile strength of the zone.

•

Failure mode of “3” when a shear failure happens in the tensile side of the strength curve. The
minimum principal stress in the zone is tensile and is less than the tensile strength of the zone.
Despite this, the maximum principal stress of the zone is bigger than the calculated triaxial
strength of the zone.

•

Failure mode of “4” when a bedding shear failure happens. The shear stress acting to the zone
is bigger than the shear strength of the bedding plane, if zone includes a bedding plane.

5.7. SELECTED CONSTITUTIVE MODELS
Following sections present the preliminarily results obtained from numerical modelling of this case
study with different constitutive models. This progress report includes the results for the following
constitutive models:
•

Mohr-Coulomb elastic-prefect plastic

•

Mohr-Coulomb elastic-brittle plastic

•

Mohr-Coulomb elastic-softening

For all these constitutive models two different strata strength conditions were modelled; 1 (constant
UCS across the strata) and 2 (random UCS distribution across the strata) have been simulated.

5.8.

CHAPTER SUMMARY

This chapter presents the numerical modelling methodology used in this study. The numerical
modelling starts with building of the UCS profile for the strata surrounding the selected roadway. This
is followed by defining the stress regime based on tectonic stress concept.
Additionally, the recorded roadway monitoring data has been presented in this chapter. The average
roof displacement recorded throughout development of this roadway was approximately 160 mm.
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Chapter 6 - IMPACT OF CONSTITUTIVE MODELS ON
THE ROADWAY NUMERICAL SIMULATIONS
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6.1. INTRODUCTION
As discussed in the previous chapters, numerical modelling software packages have several built-in
constitutive models or provide option to write user-defined constitutive models. This chapter presents
the numerical modelling results of the selected cases considering the different constitutive models.
To keep a constant modelling approach in terms of rock properties, excavation sequence, number of
processing steps and equilibrium conditions, FISH coding has been used to setup the models.
Therefore, none of the FLAC’s built-ins constitutive models have been used for this thesis. This
approach has been chosen to avoid the dispute regarding impact of the simulation steps on the results
and to produce comparable modelling results.

6.2. ELASTIC – PREFECT – PLASTIC MODEL
As discussed in Chapter 2, elastic – prefect – plastic constitutive model assumes that the rock keeps
its peak strength when it fails. A fish code has been developed to simulate the stress induced fracturing
and the corresponding deformation of the selected roadways by using elastic – prefect – plastic model.
This model considers a linear elastic behaviour between stress and strain prior to the failure. It also
uses the Mohr-Coulomb failure criteria to determine the strength of the rocks under various confining
stresses.
Two failure modes of shear and tensile failures are considered by this constitutive model. The stress
magnitude inside each model zone after shear failure for each calculation step (σN
i ) is a function stress
magnitude at previous calculation step (σO
i ) and stress changes due to plastic deformation (∆σi ) as
follows:

𝛔𝐍𝐢 = 𝛔𝐎
𝐢 + ∆𝛔𝐢

Equation 6.1

The stress changes are calculated by the following equations:

∆𝛔𝟏 = 𝛂𝟏 ∆𝐞𝟏 + 𝛂𝟐 (∆𝐞𝟐 + ∆𝐞𝟑 ) − 𝛌𝐬 (𝛂𝟏 − 𝛂𝟐 𝐍𝛙 )

Equation 6.2

∆𝛔𝟐 = 𝛂𝟏 ∆𝐞𝟐 + 𝛂𝟐 (∆𝐞𝟏 + ∆𝐞𝟑 ) − 𝛌𝐬 𝛂𝟐 (𝟏 − 𝐍𝛙 )

Equation 6.3

∆𝛔𝟑 = 𝛂𝟏 ∆𝐞𝟑 + 𝛂𝟐 (∆𝐞𝟏 + ∆𝐞𝟐 ) − 𝛌𝐬 (−𝛂𝟏 𝐍𝛙 + 𝛂𝟐 )

Equation 6.4
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where, ∆ei shows the elastic strain changes, α1 = K + 4 G⁄3 and α2 = K − 2 G⁄3 depend on
1+sin ψ

bulk and shear modulus (K, G) of rock. Nψ is a function of dilation angel of rock as Nψ = 1−sin ψ
. λs is parameter that relates the plastic strain to flow rule of rock for shear failure mode and
depends on triaxial strength criteria (f s (σ1I , σI3 ) = σ1I − σI3 Nϕ + 2c√Nϕ for Moher-Coulomb)
of rock by the following equation:
𝛌𝐬 = (𝛂

𝐟 𝐬 (𝛔𝐈𝟏 ,𝛔𝐈𝟑 )

Equation 6.5

𝟏 −𝛂𝟐 𝐍𝛙 )−(𝛂𝟐 −𝛂𝟏 𝐍𝛙 )𝐍𝛟

1+sin ϕ

In above equation, Nϕ depends on friction angel of rock (ϕ) as Nϕ = 1−sin ϕ, σ1I , σI3 have a relationship
with stress components at previous calculation step and elastic strain changes as follows:

𝛔𝐈𝟏 = 𝛔𝐎
𝟏 + 𝛂𝟏 𝚫𝐞𝟏 + 𝛂𝟐 (𝚫𝐞𝟐 + 𝚫𝐞𝟑 )

Equation 6.6

𝛔𝐈𝟑 = 𝛔𝐎
𝟑 + 𝛂𝟏 𝚫𝐞𝟑 + 𝛂𝟐 (𝚫𝐞𝟏 + 𝚫𝐞𝟐 )

Equation 6.7

For tensile failure, following equations are used:

𝛔𝐈𝟏 = 𝛔𝐈𝟏 + 𝛌𝐭 𝛂𝟐

Equation 6.8

𝛔𝐈𝟐 = 𝛔𝐈𝟐 + 𝛌𝐭 𝛂𝟐

Equation 6.9

𝛔𝐈𝟑 = 𝛔𝐈𝟑 + 𝛌𝐭 𝛂𝟐

Equation 6.10

𝛌𝐭 =

𝐟 𝐭 (𝛔𝐈𝟑 )
𝛂𝟏

𝐟 𝐭 = 𝛔𝐭 − 𝛔𝟑

Equation 6.11

Equation 6.12

where, σt represents the tensile strength of the rock.
The rock strength profile and stress regime presented in Chapter 4 have been used in this modelling.
Figure 6.1 and Figure 6.2 show the stress induces fracturing simulated by this constitutive model for
both uniform UCS for each strata (UCS is same all across and random UCS for each strata.
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Figure 6.1-Stress induced fracturing simulated by elastic – prefect plastic model – No random UCS

Figure 6.2- Stress induced fracturing simulated by elastic – prefect plastic model – with random UCS

The modelling results show that when the UCS has not been considered as a random parameter
(variation range), almost no failure happens in the floor and roof of the roadway. For both models
with random UCS and constant UCS across each strata unit, the stress induced failure grows into the
coal seam. For random UCS model, a few zones in the roof and floor have experienced the stress
induced fracturing which was not enough to form a softening zone.
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The roof displacement contours modelled by this constitutive model for both random UCS and
constant UCS are almost identical (Figure 6.3, Figure 6.4). In fact, most of the modelled roof
displacements represent the elastic deformation.

Figure 6.3-Roof displacement simulated by elastic – prefect plastic model – no random UCS

Figure 6.4- Roof displacement simulated by elastic – prefect plastic model – with random UCS
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6.3. SIMULATED ROADWAY BEHAVIOUR USING ELASTIC – BRITTLE
MODEL
Elastic – Brittle model considers a linear elastic relationship between stress and strain before the
failure point. The strength of the rock is dropped to its residual value right at the failure point. A FISH
code has been developed to simulate this behaviour. Figure 6.5 and Figure 6.6, show the failure modes
and extension resulted from Elastic – Brittle model with random UCS and constant UCS.

Figure 6.5- Stress induced fracturing simulated by elastic – brittle model – No random UCS

Figure 6.6- Stress induced fracturing simulated by elastic – brittle model – with random UCS
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For random UCS condition, a standard deviation of the 13 % has been considered for the UCS of each
strata unit. This provides a random generated UCS value across each strata which represents the wellknown variability in the rock strength.
Interestingly the failure modes and its extension for both random and uniform UCS conditions are very
similar. This result highlights this fact that the stress concentration level around the roadway is high
enough to initiate a failure in the roof and floor strata even with a uniform UCS (constant) for each
strata.
The maximum shear strain increment contours have been commonly used to represent the visible
fractures formed in the numerical simulation. The failure process in the rock starts from micro cracking
which are not visible on sample’s surface. When the micro-cracks coalesce and shear strain on them
increases, they form the visible fractures. The shear strain increment contours for both uniform and
random UCS profiles have been presented in Figure 6.7 and Figure 6.8.

Figure 6.7- Shear strain increment as indicator the major rock fracturing – Elastic – Brittle model- No
random UCS.

The model with random UCS condition resulted in a bit more intensive major strata fracturing. This
can be explained by the random UCS option that provides zones with lower UCS and the stress induced
fracturing can initiate and grow through them.
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Figure 6.8- Shear strain increment as indicator the major rock fracturing – Elastic – Brittle model- with
random UCS.

It should be noted that the extent of the stress induced failure does not represents the depth of the
softening zone. Considering the confinement level, the failed zones in the deeper roof and floor do
not have deformed enough to lose their self-supporting abilities. Therefore, the softening zone is
formed by the failed strata where they experience higher deformation and their weight must hold by
the support system otherwise, they fail into the roadway.
The roof and floor vertical displacement contours for both uniform and random UCS conditions are
shown in Figure 6.9 to Figure 6.10.
As mentioned in Chapter 4, the multi-point extensometers such as Gels have been installed in the roof
to record the rood displacements at different depths into the roof. When the extensometers are not
available, the bed and joint separations observed through a borescope can also be used to calculate
the cumulative roof displacements. Both methods provide data to estimate depth of the roof
softening zone. In this study, the simulated roof displacement profile has been used to determine
depth of the softening zone obtained from each constitutive model. The roof displacement profile
simulated by Elastic – Brittle model is shown in Figure 6.11 and Figure 6.12.
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Figure 6.9- Vertical displacement contours – -elastic-brittle model - uniform UCS

The modelled roof displacement profile shows that depth of the softening zone (major movement
zone) is around 6 m and 7 m for uniform and random UCS conditions, respectively. The modelled
maximum roof displacement for random UCS condition is approximately 170 mm which is almost 40
mm more than the roof displacement obtained from uniform UCS condition.

Figure 6.10- Vertical displacement contours – -elastic-brittle model - random UCS

100

8
7

Depth in Roof [m]

6
5
4
3
2
1
0
0

20

40

60

80

100

120

140

160

Roof Displacement [mm]

Figure 6.11- Roof vertical displacement profile simulated by Elastic – Brittle model-uniform UCS

The roof displacement profile for uniform UCS condition shows three jumps in the roof displacement
at depths of 6 m, 4.5 m, and 3 m. For random UCS model, the major jumps in the roof displacements
happened at depths of 6.4 m, 4.6 m, 2.6 m, and 1.3 m.
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Figure 6.12- Roof vertical displacement profile simulated by Elastic – Brittle model-uniform UCS
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The horizontal roof displacement profiles on a vertical line at middle point of roof have been presented
in Figure 6.13 to Figure 6.14.

Figure 6.13- Horizontal displacement profile – -elastic-brittle model - uniform UCS

The horizontal displacement profile for uniform UCS reveals three major shearing horizons at depths
of 2m, 4 m into the roof. For random UCS condition, the major shearing happens at 2 m and 3.5 m
depths into the roof. The shearing horizon matches with the big jump in the vertical displacement and
possibly present roof separation horizons. The modelled roof movement trend for random UCS
condition is very similar to the roof displacement measured by multipoint extensometer (Figure 5.15).
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Figure 6.14- Roof horizontal displacement profile simulated by Elastic – Brittle model – random UCS

6.4. SIMULATED ROADWAY BEHAVIOUR USING ELASTIC – BRITTLE
MODEL AND VARIOUS PARTING CASES
As discussed in Chapter 4, the coal measure rocks consist of several rock units with various stiffness
and strength parameters. Bedding planes and laminations are two common terminologies for
sedimentary rocks. The stratification, which is the main sedimentary structure is defined as layering
of sediments throughout the sediment deposition. The stratification can be divided into two groups
of bedding and lamination based on the strata thickness. The lamination term is used when the strata
thickness is less than 1 cm and it represents a sequence of fine layers. For the strata thicker than 1 cm,
there are several sub-groups for description of bedding structure (Table 6.1). The bedding plane can
be easily identified when the lithology of the adjacent beds is different (Figure 6.15). When the
lithology of the adjacent beds is same (Figure 6.16), the bedding plane is hard to be recognised
(Campbell, 1967). Sometime the bedding planes have no bonding between their upper and lower
surfaces which is called parting.
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Table 6.1- Bedding and lamination terminologies for sedimentary rocks (Campbell, 1967)

Bedding (Bed, Beds)

Lamination
Laminate)

Terminology

Strat Thickness [cm]

Very thick bedded

> 100

Thick bedded

30 – 100

Medium-bedded

10 – 30

Thin bedded

3 – 10

Very thin bedded

1–3

(Lamina, Laminated
Thinly laminated

0.3 – 1
< 0.3

Figure 6.15- Bedding plane when lithology of the adjacent beds is different (Zoorabadi & Rajabi, 2017)

Figure 6.16- Bedding plane when lithology of the adjacent beds is same (Zoorabadi & Rajabi, 2017)

Shear strength of bedding planes and laminations can be determined by triaxial test or direct shear
test. For direct shear test, the cores recovered from vertical or angled boreholes can be used. This test
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is more reliable for the shear strength of the partings. The following reasons limit the direct shear
application for the tight bedding planes and laminations (Zoorabadi & Rajabi, 2017):
•

Test setup: it is difficult to align the shearing direction correctly while casting the core into the
upper and lower boxes.

•

Loading boundary condition: providing pure shear loading condition is arguable because of
developing tension stress on one side of the sample.

Considering the above limitations, the triaxial test is the best option to determine the shear strength
of tight bedding planes. The bedding plane and laminations are acting as a weak plane within the
sample. The core sample for tri-axial test on bedding plane is drilled at an angle to the bedding planes
(Typically 30o). This drilling angle provides samples with angle between the bedding plane and
maximum principal stress at 60o which guaranties the failure along the bedding plane. Figure 6.17
shows typical failure curves for the bedding planes obtained from direct shear and triaxial tests. When
the bedding planes act as parting, their shear strength parameters would be much weaker compared
with the healed bedding planes.
In this section, various scenarios have been considered for bedding planes. The modelling approach is
similar to the Elastic-Brittle constitutive model. The bedding planes with various spacing and shear
strength properties have been modelled by assuming that there is bedding plane within a series of
zones. Therefore, failure modelling FISH code checks the failure potential through bedding plane too.
If the bedding plane needs less driving stress to fail compared to the intact rock failure, the failure
code for that zone changes to the state 4. A zone with a failed bedding plan has potential to experience
intact rock shear and tensile failures too. All these failure models have been considered through FISH
code.
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Figure 6.17- Typical strength characteristics of bedding (Zoorabadi & Rajabi, 2017)

6.4.1. Healed Bedding Planes With 10 cm Spacing
In this scenario, it was assumed that all strata around the modelled roadway are laminated. Then a
bedding plane exists within every zone around the roadway and there are no partings. Figure 6.18 and
Figure 6.19 show the failure modes and major fracturing simulated for this bedding condition. As it
can be seen, the bedding failure would be main failure mode in the roof and floor strata when there
is bedding plane in each zone. The shear strain increment plot shows an excessive major rock
fracturing compared with the model with no bedding plane (Figure 6.6).

Figure 6.18- Failure modes and micro fracturing extension – elastic-brittle model – bedding plan exists in
each zone
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Figure 6.19- Major strata fracturing – elastic-brittle model – bedding plan exists in each zone

The vertical displacement contours and roof vertical displacement profile have been shown in Figure
6.20 and Figure 6.21 respectively.

Figure 6.20- Vertical displacement contours– elastic-brittle model – bedding plan exists in each zone
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Figure 6.21- Roof displacement profile– elastic-brittle model – bedding plan exists in each zone

The model predicts a softening zone with depth of approximately 10 m. The roof displacement profile
shows a continuous deformation starts from 10 m into roof and increases toward the roadway roof
with a little jump around 4-5 m into the roof. The roof horizontal displacement profile also shows a
shearing horizon at the same depth into the roof (Figure 6.22). The roof displacement and softening
zone extension for the model with bedding plane in every zone do not match with the monitoring data
and observations for this specific roadway.

Figure 6.22- Roof horizontal displacement profile– elastic-brittle model – bedding plan exists in each zone
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6.4.2. Bed Parting With 1 m Spacing
For this bedding condition scenario, it was assumed that there is bed parting in both roof and floor
with 1 m spacing. It’s also assumed there is no healed bedding plane anywhere in the model. The
modelled failure modes and major strata fracturing have been shown in Figure 6.23 and Figure 6.24.
The failure modes in the roof and floor are a combination of bedding and intact rock failures.

Figure 6.23- Failure modes and micro fracturing extension – elastic-brittle model – bedding parting with
1 m spacing

Figure 6.24- Major strata fracturing – elastic-brittle model – bedding parting with 1m spacing
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Considering the spacing of the bed partings, the intensity of the major strata fracturing is a bit less
than the model with intact bedding plane in every zone. Figure 6.25 presents the vertical displacement
contours for this bedding condition.

Figure 6.25- Vertical displacement contours – elastic-brittle model – bedding parting with 1m spacing

Unlike the results from elastic-brittle model with no bedding plane and elastic-brittle model with
bedding plane in every zone, the roof displacement from this model is more symmetric. The roof
displacement profile which reveals the depth of the softening zone has been shown in Figure 6.26.
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Figure 6.26- Roof displacement profile– elastic-brittle model – bedding parting with 1m spacing
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The modelled maximum roof displacement is in the range of the measured values. The roof
displacement profile shows that the depth of softening zone for this bedding condition is
approximately 7.5 m. The depth of softening zone and maximum roof displacement are between the
results from elastic-brittle model with no bedding plane and elastic-brittle model with bedding plane
in every zone.
The roof vertical displacement profile shows that the roof separation occurred at depths of 2.5 m, 3.6
m, and 5.4 m. The horizontal displacement profile on a line at the middle of the roof shows multiple
shearing zones which match with the roof separation zones from vertical displacement profile.
Despite the fact that the bedding partings have 1 m spacing, the roof horizontal displacement profile
(Figure 6.27) shows only one major shearing horizon at 2.5 m depth into the roof.

6.4.3. Bed Parting With 3 m Spacing
Bedding partings with 3 m spacing both in roof and floor is another modelling condition that has been
assessed in this study. The modelled strata failure modes and major strata fracturing have been
presented in Figure 6.28 and Figure 6.29.
Considering the spacing of the modelled partings, the bedding failure mode is not the dominant failure
mode anymore. The intact rock shear and tensile failure happen both in the roof and floor strata. The
major strata fracturing is also caused by shear failure of the intact rocks.

Figure 6.27- Roof horizontal displacement profile–elastic-brittle model– bedding parting with 1m spacing
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Figure 6.28- Failure modes and micro fracturing extension – elastic-brittle model – bedding parting with
3 m spacing

The vertical displacement contours are interesting where the modelled roof vertical displacements
are much lower than the elastic-brittle mode without bedding plane (Figure 6.30). This behaviour can
be explained by the stress release caused by three bedding shear failure planes in the roof. This failure
limited the progressive intact rock fracturing which resulted in lower roof displacement.

Figure 6.29- Major strata fracturing – elastic-brittle model – bedding parting with 3m spacing
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Figure 6.30- Vertical displacement contours – elastic-brittle model – bedding parting with 3m spacing

To assess impact of this bed parting condition on the depth of softening zone, the roof vertical
displacement
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. This graph shows that the modelled depth of softening zone for this bed parting with 3 m spacing
would be approximately 5.5 m. The roof separation horizons would be approximately 1.4 m, 2.5m,
and 4.5 m. The horizontal displacement profile at the middle of the roof shows a major shearing depth
between 3-4 m depth into the roof (Figure 6.32).

113

12

Depth in Roof [m]

10
8
6
4
2
0
0

20

40

60

80

100

120

Roof Displacement [mm]
Figure 6.31-Roof displacement profile– elastic-brittle model – bedding parting with 3m spacing

Figure 6.32- Roof horizontal displacement profile– elastic-brittle model– bedding parting with 3m
spacing

6.5. STRAIN SOFTENING MODEL
As discussed in the literature review, the strain softening constitutive models assume that the shear
strength of the failed rocks decreases gradually from its peak value to its residual value. The rate of
this reduction is a function of the plastic strain caused by the rock failure.
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To assess the residual shear strength parameters of the coal measure rocks, the results of multistage
triaxial tests on the mudstone samples from a coal mine in Illawarra region have been analysed. All
the available test data include 3 stages before failure and 6 stages after failure as presented in Figure
6.33. The confining stress ranges before and after failure for all samples were the same.

Figure 6.33- An example of conducted multistage triaxial test– peak and post peak tests (SCT Operations)

The total number of the available multistage triaxial test data for this assessment was 30. Figure 6.34
shows and example of the triaxial peak and residual strength curve obtained from a multistage test. It
was mentioned before that each test provided three and six post peak values for each rock sample.
In
Figure 6.35 and Figure 6.36, peak and residual (post peak) strength results for this database have been
plotted. As it can be seen for each confining stress, a considerably big range of peak strength (axial
stress at failure) has been obtained. If a linear curve is fit to the peak values, its regression coefficient
(R2 ) would be around 0.53 which highlights a moderate relation between peak strength data and
confining stress. In contrast to this, the scattering of the residual strength values is significantly small.
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Figure 6.34- Triaxial peak and residual strength curves from multistage test

In addition to this, the results show a bilinear relation between residual axial stress and confining
stress for confining stresses 0.6-2.5 MPa and 2.5-10. The slope (which is a function of friction angle)
of the first line is higher than the second line which demonstrates the impact of confining stress level.
According to this, for the lower confining stress, the residual strength of rock would have high friction
angle and low cohesion (based on Mohr-Coulomb failure criteria). When the confining stress is
increased, rock gets higher cohesion and lower friction angle. The equations and correlation
coefficient for the bilinear fitting curves are presented in
Figure 6.37 and Figure 6.38. The correlation coefficient for both lines represents a good relation
between residual triaxial strength and confining stress.
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Figure 6.35- Multistage triaxial test results for mudstone-Peak values

Figure 6.36- Multistage triaxial test results for mudstone-Residual values
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Figure 6.37- The relation between residual strength and confining stress – for σ_3=0.6 – 2.5 MPa

Figure 6.38- The relation between residual strength and confining stress – for σ_3=2.5 – 10 MPa
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Interestingly, this data analysis shows that the slope of the line fit to the peak and residual strength
data are very similar. The slope of the line fit to 𝜎1 − 𝜎3 data has the following equation with the
friction angle of the rock (Harrison & Hudson, 2000):
𝟏+𝐬𝐢𝐧 𝝋

𝒔𝒍𝒐𝒑𝒆 𝒐𝒇 𝒍𝒊𝒏𝒆 = 𝐭𝐚𝐧 𝝎 = 𝟏−𝐬𝐢𝐧 𝝋

Equation 6.13

By using this equation, the average peak and residual friction angles would be 40 and 38 degrees
respectively. Since the difference between these two numbers is just 2 degrees, it would be
reasonable to assume the peak and residual friction angles are same. This means that the rock loose
its cohesion at failure point and its friction angle remains unchanged.
Therefore, in this study, only cohesion of the strata has been reduced from peak value to its residual
number as a function of the failure induced plastic strain. The cohesion softening function (Figure
6.39) has been selected based on the 𝜎 − 𝜀 curve obtained from multistage triaxial test (Figure 6.33).
The selected cohesion softening model presents ratio between peak and residual cohesion as a
function of the plastic strain.
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Figure 6.39- Cohesion softening function chosen for this study

The strata failure modes and the major strata fracturing of the case study roadway obtained from
strain softening model have been presented in Figure 6.40 and Figure 6.41.
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Figure 6.40- Failure modes and micro fracturing extension – strain softening

Figure 6.41- Major strata fracturing – strain softening

The failure modes, extension of failure zone and pattern of the major strata fracturing are very similar
to the results obtained from the elastic-brittle constitutive model. Despite this similarity, the
maximum roof displacement simulated by a strain softening model is less than the roof displacement
obtained from the elastic-brittle model (Figure 6.42 and Figure 6.43).
The roof displacement profile shows 3 probable roof separation depths at 5.5 m, 4.4 m, and 2.6 m.
These modelled roof separation depths are different from the depths simulated by the elastic-brittle
constitutive model.
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Figure 6.42- Vertical displacement contours – strain softening
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Figure 6.43- Roof displacement profile– strain softening

The roof major shearing depths which are determined from the roof horizontal profile has been shown
in Figure 6.44. This figure shows the shear depth between 4-5 m into the roof which is like the data
obtained from elastic-brittle model.
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Figure 6.44- Roof horizontal displacement profile– strain softening

6.6. HOEK & BROWN MODEL.
The Hoek & Brown model for intact rock has been discussed in Chapter 2. The Hoek & Brown equation
for jointed rocks has the following form:
𝝈

𝝈𝟏 = 𝝈𝟑 + 𝝈𝒄 (𝒎𝒃 𝝈𝟑 + 𝒔)

𝒂

Equation 6.14

𝒄

where, mb, s and a are the constant parameters. Hoek & Brown (1997) introduced the GSI
classification and empirical equations to determine these constant parameters. The following
equations are used to calculate mb, s, and a values:
𝐆𝐒𝐈−𝟏𝟎𝟎

𝐦𝐛 = 𝐦𝐢 𝐞𝐱𝐩 ( 𝟐𝟖−𝟏𝟒𝐃 )
𝐆𝐒𝐈−𝟏𝟎𝟎

𝐬 = 𝐞𝐱𝐩 (
𝟏

𝟗−𝟑𝐃

)

𝟏

𝐚 = 𝟐 + 𝟔 (𝐞−𝐆𝐒𝐈⁄𝟏𝟓 − 𝐞−𝟐𝟎⁄𝟑 )

Equation 6.15

Equation 6.16

Equation 6.17

where, D is disturbance factor and is estimated by using the descriptive classification which is
presented in Figure 6.45.
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Figure 6.45- Guidelines to estimate the disturbance factor D (Hoek & Brown, 1997)

The GSI value can be quantified by using original GSI table which relies on descriptive classification of
the rock blockiness and discontinuity conditions (Figure 6.46).
It is well known that there are three main pre-existing discontinuity sets in the most coal measure
rocks (Shepherd and Creasey, 1979). This joint network includes the bedding planes as well-developed
discontinuity with very high persistence and 2 joint sets perpendicular to the bedding planes. For a
normal jointing frequency, the joint network for coal measure rocks represents a Blocky structure
according to GSI classification. Two different joint surface conditions of ‘Very Good’ and ‘Fair’ have
been considered to determine the GSI values. For ‘Very Good’ condition for the joint surface, the GSI
value would be between 70 – 80 with an average of 75. The GSI range would vary between 50 to 60
with an average of 55 for the ‘Fair’ joint surface condition. These two average GSI values along with
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the mi values presented in Table 4.3 have been used for Hoek & Brown constitutive model. It should
be noticed that since continuous miner was used for the roadway excavation, a disturbance factor of
0 has been selected for this analysis.

Figure 6.46- Typical GSI table (Hoek & Brown, 1997)

For Hoek & Brown constitutive model, two failure modes of rock shear and tensile failures have been
considered. A FISH code was developed to calculate the strength of each modelling zone by using Hoek
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and Brown equation. The failure modes contour and strata major fracturing have been shown in Figure
6.47 to Figure 6.50.
These results highlight the significant impact of the GSI value on downgrading of the rock mass
strength properties from laboratory scale data. The extent of the stress induced fracturing for the
model with GSI=55 is almost two times of failure extension for GSI=75.

Figure 6.47- Failure modes and micro fracturing extension – Hoek & Brown (GSI=75)

Figure 6.48- Failure modes and micro fracturing extension – Hoek & Brown (GSI=55)
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Similar to micro fracturing extent, the strata major fracturing for GSI=55 is much more severe than
GSI=75. As mentioned before, the blockiness of both estimated GSI range is the same (block formed
by three joint sets) and the only difference between them is just joint surface conditions. This
highlights the fact that how GSI classification is sensitive to the judgment of the person who mapping
the rock mass blockiness and joint surface conditions.

Figure 6.49- Major strata fracturing – Hoek & Brown (GSI=75)

Figure 6.50- Major strata fracturing – Hoek & Brown (GSI=55)

The downgrading ratio formulation (ratio between rock mass strength and intact rock strength) based
on GSI classification is as follows (Hoek & Brown, 1997):
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𝝈𝒄𝒎
𝝈𝒄

= 𝒔𝒂

Equation 6.18

where, 𝜎𝑐𝑚 is the uniaxial compression strength of the rock mass, 𝜎𝑐 is the uniaxial compression
strength of the intact rock, 𝑆 and 𝑎 are the Hoek & Brown’s constant parameters (Equation 6.16 and
Equation 6.17). The downgrading ratio calculated from this formulation has been shown in Figure 6.51.
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Figure 6.51- The downgrading ratio based on GSI classification.

Based on this formulation and graph, the rock mass strength would be 8 and 25 percentage of the
intact rock strength for GSI=55 and GSI=75 respectively. The differences between these two numbers
highlight the impact of GSI value of the estimated rock mass.
The roof and floor vertical displacement contours for both GSI values have been shown in Figure 6.52
and Figure 6.53.
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Figure 6.52- Vertical displacement contours – Hoek & Brown (GSI=75)

Figure 6.53- Vertical displacement contours – Hoek & Brown (GSI=55)

The maximum roof displacement is limited to less than 80 mm for GSI=75. For GSI=55 the modelled
maximum roof displacement is more than 150 mm which two times of the GSI=75 (Figure 6.54 and
Figure 6.55).
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Figure 6.54- Roof displacement profile– Hoek & Brown (GSI=75)

The maximum roof displacement obtained from Hoek & Brown constitutive model with GSI=75 is
approximately equal with Mohr –Coulomb elastic-brittle constitutive model. Despite the fact, the
depth of softening zone for Hoek & Brown model is approximately 9.5 m which is much higher than
the depth measured by multi-points extensometer.
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Figure 6.55- Roof displacement profile– Hoek & Brown (GSI=55)
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6.7. DISCUSSIONS
This chapter presents the results of numerical modelling of the selected case study simulated with
various constitutive models. The recorded average roof displacement throughout development of the
selected roadway was 160 mm. The recorded depth of softening zone was approximately 6-7 m.
The numerical modelling trials in this chapter showed that the Elastic-Perfect-Plastic constitutive
model simulate a negligible stress induced fracturing in the roof and floor of the roadway. This model
resulted in no failure when a uniform UCS condition has been assumed for each strata unit.

6.8. CHAPTER SUMMARY
The impact of selected constitutive model to simulate the roadway behaviour has been assessed in
this chapter. Followings are the conclusions obtained from this assessment:
1. The roof displacement contours modelled by elastic-prefect plastic constitutive model for
both random UCS and constant UCS are almost identical and very small compared to the
recorded roof movement. For random UCS model, a few zones in the roof and floor have
experienced the stress induced fracturing which was not enough to form a softening zone.
2. For elastic-brittle model, the failure modes, and its extension for both random and uniform
UCS conditions are very similar. The model with random UCS condition resulted in a bit more
intensive major strata fracturing. The modelled roof displacement profile shows that depth
of the softening zone is approximately 7 m for random UCS conditions. The modelled
maximum roof displacement is approximately 170 mm. The modelled roof movement trend
for random UCS condition is very similar to the roof displacement measured by multipoint
extensometer
3. The model with healed bedding planes with 10 cm spacing resulted in an excessive major
rock fracturing compared with the model with no bedding plane. The model predicts a
softening zone with depth of approximately 10 m. The roof displacement profile shows a
continuous deformation different from the monitored data.
4. Roof displacement from the elastic-brittle model with 1 m spacing bed partings is symmetric.
The depth of softening zone and maximum roof displacement are between the results from
elastic-brittle model with no bedding plane and elastic-brittle model with bedding plane in
every zone. The modelled maximum roof displacement is in the range of the measured
values.
5. For the elastic-brittle model with 3 m spacing bed partings, the bedding failure mode is not
the dominant failure mode anymore. Depth of softening zone obtained from this condition
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is approximately 5 m with maximum roof displacement of less than 100 mm. Bed parting
failures acted as stress releasing mechanism and limited failure zone.
6. Analysis of multi-stages triaxial tests for Mudstone showed that the slope of the line fit to
the peak and residual strength data are very similar. Therefore, it would be reasonable to
assume that rocks lose their cohesion strength at the failure point, but their frication angle
reduction is negligible. Considering this finding, for strain softening model, only cohesion of
failed zones has been reduced as a function of plastic strain.
7. The failure modes, extension of failure zone and pattern of the major strata fracturing
obtained from strain softening model are very similar to the results obtained from the
elastic-brittle constitutive model. Despite this similarity, the maximum roof displacement
simulated by the strain softening model is less than the roof displacement obtained from
the elastic-brittle model.
8. The Hoek & Brown constitutive model has been assessed with two GSI ranges of 70-80
(average of 75) and 50-60 (average of 55). The blockiness of both estimated GSI range is the
same (block formed by three joint sets) and only difference between them is just joint
surface conditions. The extent of the stress induced fracturing for the model with GSI=55 is
almost two times of failure extension for GSI=75. This highlights the fact that how GSI
classification is sensitive to the judgment of the person who mapping the rock mass
blockiness and joint surface conditions.
The comparison between the modelled roadway behaviour with the monitored roof displacement and
depth of softening showed that an elastic-brittle model is the most suitable constitutive model for this
cases study.
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Chapter 7 - CONCLUSIONS AND RECOMMENDATIONS
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Numerical modelling is a commonly used technique to simulate the behaviour of the underground
roadways. The numerical modelling techniques use various constitutive models to simulate the
relationship between stress and induced strain. Despite availability of several commercial software
packages and high-speed computing hardware, there is no standard approach to choose a suitable
constitutive model for each particular modelling case.
This research was aimed to study the impact of constitutive model selected for the numerical
modelling on the predicted roadway behaviour for underground coal mines. To achieve this goal, a
typical cross section of an underground coal mine excavated in Bulli seam, Illawarra colliery, was
selected as a case study. The geological and geotechnical data along with the monitored behaviour of
roadway were gathered. Then the FISH coding capability of the FLAC was used to develop several
constitutive models to simulate the roadway behaviour. This numerical modelling trial predicted the
roadway behaviour including roof displacement and depth of softening zone for each constitutive
model.
In addition to the numerical modelling using various constitutive models, feasibility of simulating the
failure mechanism of rocks in tensile side of their strength using a laboratory testing technique was
studied. The failure mechanism of rocks in their tensile side of their strength curve is a very important
research topic with a limited available literature.
This chapter presents the conclusions obtained from comparative numerical modelling trial and the
feasibility study of the selected laboratory testing. Additionally, it includes recommendations for
future studies.

7.1. FEASIBILITY STUDY OF SELECTED LABORATORY TEST
The designed laboratory test includes a frame to apply tensile to the lateral sides of a cubic samples
(biaxial tensile loading). Then the frame along with sample could be placed between a compressive
loading frame to apply compression stress to the upper and lower surfaces of sample.
This feasibility study starts with designing the frame with the available materials and tools to sustain
the tensile stress loading conditions. Then several cubical rock samples and casted samples were
prepared to test the functionality of the designed frame. The prepared samples were tested to
determine their UCS and tensile strength.
The testing trials started with applying several type glues to mount the tensile loading pads to the
lateral sides of the samples. Then the pads glued to the samples were pulled to apply tensile stress.
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Despite using different glue types with various glue thickness, all the pulling tests were unsuccessful.
Followings are the observations through these pulling tests:
1. Misalignment of the pads glued to the lateral surfaces of the samples was very clear.
Considering the nature of glue which needs time to cure, it was very difficult to keep the
lateral pads and the road attached to them in the same line.
2. For rock samples, the cutting process to prepare a cubic shape leaves a damage zone with
various thicknesses on sides of the sample. These damaged zones are easily pulled out
during the loading and make is impossible to reach higher tensile loading.
3. For the casted samples, the final surfaces had undulations formed by shrinkage of casting
liquid. Therefore, the glue between pad and sample surface get various thicknesses.
4. The smoothness of the surface for the casted samples reduces the cohesive bond between
glue and samples.
The unsuccessful testing trials showed that the biaxial tensile loading using glue is not practical.
Therefore, other laboratory testing methods such as dog bone shape samples which need particular
casting or cutting tools must be used to study the failure mechanism of the rock in tensile side of their
strength curve.

7.2. GEOTECHNICAL AND MONITORING DATA FOR SELECTED CASE
STUDY
The geotechnical data and monitoring data for selected roadway were analysed to provide data for
numerical modelling. Followings are the conclusions obtained from this data analysis:
1. The statistical analysis of the UCS data showed that the UCS of strata surrounding roadway
varies between 50-65 MPa.
2. The ratio between elastic modulus with unit of GPa and UCS with unit of MPa is
approximately 0.263.
3. The Triaxial Strength Factor (TSF) varies between 3.5 to 4.38.
4. The Hoek & Brown constant parameter of mi range is 6.8 to 10.
5. The monitoring data showed that the depth of softening zone is around 7 m into the roof.
6. The average roof displacement recorded throughout development of this roadway is
approximately 160 mm.
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7.3. IMPACT OF CONSTITUTIVE MODEL ON NUMERICAL MODELLING
This section presents the conclusions obtained from each constitutive model:
1. The roof displacement contours modelled by elastic-prefect plastic constitutive model for
both random UCS and constant UCS are almost identical and very small compared to the
recorded roof movement. For random UCS model, a few zones in the roof and floor have
experienced the stress induced fracturing which was not enough to form a softening zone.
2. For elastic-brittle model, the failure modes and its extension for both random and uniform
UCS conditions are very similar. The model with random UCS condition resulted in a bit more
intensive major strata fracturing. The modelled roof displacement profile shows that depth
of the softening zone is approximately 7 m for random UCS conditions. The modelled
maximum roof displacement is approximately 170 mm. The modelled roof movement trend
for random UCS condition is very similar to the roof displacement measured by multipoint
extensometer
3. The model with healed bedding planes with 10 cm spacing resulted in an excessive major
rock fracturing compared with the model with no bedding plane. The model predicts a
softening zone with depth of approximately 10 m. The roof displacement profile shows a
continuous deformation different from the monitored data.
4. Roof displacement from the elastic-brittle model with 1 m spacing bed partings is symmetric.
The depth of softening zone and maximum roof displacement are between the results from
elastic-brittle model with no bedding plane and elastic-brittle model with bedding plane in
every zone. The modelled maximum roof displacement is in the range of the measured
values.
5. For the elastic-brittle model with 3 m spacing bed partings, the bedding failure mode is not
the dominant failure mode anymore. Depth of softening zone obtained from this condition
is approximately 5 m with maximum roof displacement of less than 100 mm. Bed parting
failures acted as stress releasing mechanism and limited failure zone.
6. Analysis of multi-stages triaxial tests for Mudstone showed that the slope of the line fit to
the peak and residual strength data are very similar. Therefore, it would be reasonable to
assume that rocks lose their cohesion strength at the failure point, but their frication angle
reduction is negligible. Considering this finding, for strain softening model, only cohesion of
failed zones has been reduced as a function of plastic strain.
7. The failure modes, extension of failure zone and pattern of the major strata fracturing
obtained from strain softening model are very similar to the results obtained from the
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elastic-brittle constitutive model. Despite this similarity, the maximum roof displacement
simulated by the strain softening model is less than the roof displacement obtained from
the elastic-brittle model.
8. The Hoek & Brown constitutive model has been assessed with two GSI ranges of 70-80
(average of 75) and 50-60 (average of 55). The blockiness of both estimated GSI range is the
same (block formed by three joint sets) and only difference between them is just joint
surface conditions. The extent of the stress induced fracturing for the model with GSI=55 is
almost two times of failure extension for GSI=75. This highlights the fact that how GSI
classification is sensitive to the judgment of the person who mapping the rock mass
blockiness and joint surface conditions.
The comparison between the modelled roadway behaviour with the monitored roof displacement and
depth of softening showed that an elastic-brittle model is the most suitable constitutive model for this
cases study.

7.4. RECOMMENDATIONS
Followings are the recommendations for further research studies on the numerical modelling of the
roadways and failure mechanism of rocks in tensile side of their strength curve:
1. The failure mechanism of rocks in tensile side of their strength curve is very important and
there are a very few literature publications on this. Considering the difficulties to prepare
dog bone shape samples, it is recommended to use Brazilian test on flattened samples to
study this mechanism for coal measure rocks.
2. The stress induced fracturing initiates from a point ahead of roadway face and stress
direction has a significant impact on its propagation. It is highly recommended to assess the
impact constitutive models by using 3D numerical modelling.
3. It is recommended to gather and analyse the multi-stages triaxial test data for coal measure
rocks to assess the proper range for softening of the elastic modulus after failure.
4. It is recommended to conduct a similar research for other case studies to cross check the
outcomes of this research.
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APPENDICES
APPENDIX 1

1. Stress Induced Fracturing Initiation and Propagation
Elastic-Brittle Constitutive Model
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APPENDIX 2

2. FLAC Fish Codes
Model Setup and Elastic – Brittle Constitutive Model
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New
config extra 20
grid 276 428
me
gen 0 -42.8 0 0 55.2 0 55.2 -42.8
;gen 0 0 55.2 0 55.2 -42.8 0 -42.8
fix x i=1

;boundary condition

fix x i=277

;boundary condition

fix x y j=1

;boundary condition

def stress_components
tectonic_x=1.5
end
stress_components
set gravity 9.81
call material-mohr_modu.txt
vertical_stress
strata_elastic
set large
solve
ucs_random
save initial_stress.sav
;;;;;excavate the roadway and change the constituitive model
mod null i=126,151 j=201,232
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set pcx on
set autoname
set pcx file failure
pl ex_7 blo bo
set pcx file shear_strain
pl ssi fil max 0.03 bo

set pcx file max_stress
pl sig1 fil
set pcx file min_stress
pl sig2 fil
;;approach to consider the distance from the face
app press 5e5 from 127,201 to 128,201 long
step 2000
check_mohr
set pcx file failure
pl ex_7 blo bo
set pcx file shear_strain
pl ssi fil max 0.03 bo
set pcx file max_stress
pl sig1 fil
set pcx file min_stress
pl sig2 fil
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app remove from 127,201 to 128,201 long
app pres 5e4 from 127,201 to 128,201 long
step 1000
check_mohr
set pcx file failure
pl ex_7 blo bo
set pcx file shear_strain
pl ssi fil max 0.03 bo
set pcx file max_stress
pl sig1 fil
set pcx file min_stress
pl sig2 fil
app remove from 127,201 to 128,201 long
app pres 1e4 from 127,201 to 128,201 long
step 1000
check_mohr
set pcx file failure
pl ex_7 blo bo
set pcx file shear_strain
pl ssi fil max 0.03 bo
set pcx file max_stress
pl sig1 fil
set pcx file min_stress
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pl sig2 fil
app remove from 127,201 to 128,201 long
;app pres 0.0 from 127,201 to 128,201 long
roof_bolt
rib_bolt
;app press 1e4 i=126,151 j=201
;ini ydis=0
;ini xdis=0
def compute
loop m (1,200)
command
step 150
endcommand
check_mohr
command
set pcx file failure
pl ex_7 blo bo
set pcx file shear_strain
pl ssi fil max 0.03 bo
set pcx file max_stress
pl sig1 fil
set pcx file min_stress
pl sig2 fil
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endcommand
endloop
end
compute
save mohr-brittle-mod.sav
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;failure code & UCS profile
;;;;;;;;;;;;;;;;;;;;;function to apply the vertical stress from y=0m to y=-43m
def vertical_stress
depth2=552.8 ;547.8
depth1=510
syy_initial1=-(depth1*2500*9.81)

; vertical stress

syy_initial2=-(depth2*2500*9.81)
syy_grad=2500*9.81

; gradiation of vertical stress

command
apply syy=syy_initial1 j 429
ini syy=syy_initial2 var=0,1.05e6

; Apply constant vertical stress to top boundry at y=0 m
; Calculating vertical stress for all layers from y=0 m to y=-42.8 m

endcommand
end
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;material property
def ss60
mat_type=1
tri_str_fac=4.5
elastic_mod=20
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poisson_ratio=0.25
ucsi=60
ten_side_fac=10.1
end
def cmud30lam40
mat_type=1
tri_str_fac=3.5
elastic_mod=9
poisson_ratio=0.25
ucsi=35 ; intact strength inputs
ten_side_fac=10.1
end
def lam40
mat_type=1
tri_str_fac=4.1
elastic_mod=9
poisson_ratio=0.25
ucsi=40
ten_side_fac=10.1
end
def cmud30
mat_type=1
tri_str_fac=3.1
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elastic_mod=9.5
poisson_ratio=0.25
ucsi=30
ten_side_fac=10.1
end
def lam50
mat_type=1
tri_str_fac=4.1
elastic_mod=16
poisson_ratio=0.25
ucsi=50
ten_side_fac=10.1
end
def lam70
mat_type=1
tri_str_fac=5.1
elastic_mod=18
poisson_ratio=0.25
ucsi=70
ten_side_fac=10.1
end
def lam60
mat_type=1
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tri_str_fac=5.1
elastic_mod=20
poisson_ratio=0.25
ucsi=60
ten_side_fac=10.1
end
def lam80
mat_type=1
tri_str_fac=5.1
elastic_mod=25
poisson_ratio=0.25
ucsi=80
ten_side_fac=10.1
end
def ss70
mat_type=1
tri_str_fac=5.1
elastic_mod=20
poisson_ratio=0.25
ucsi=70
ten_side_fac=10.1
end
def cmud10
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mat_type=1
tri_str_fac=4.1
elastic_mod=7
poisson_ratio=0.25
ucsi=30
ten_side_fac=10.1
end
def lss40
mat_type=1
tri_str_fac=4.1
elastic_mod=10
poisson_ratio=0.25
ucsi=40
ten_side_fac=10.1
end
def lss50
mat_type=1
tri_str_fac=4.1
elastic_mod=13
poisson_ratio=0.25
ucsi=50
ten_side_fac=10.1
end
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def lss60
mat_type=1
tri_str_fac=5.1
elastic_mod=16
poisson_ratio=0.25
ucsi=60
ten_side_fac=10.1
end
def lss70
mat_type=1
tri_str_fac=5.1
elastic_mod=16
poisson_ratio=0.25
ucsi=70
ten_side_fac=10.1
end
def lss80
mat_type=1
tri_str_fac=5.1
elastic_mod=25
poisson_ratio=0.25
ucsi=80
ten_side_fac=10.1
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end
def lss30
mat_type=1
tri_str_fac=4.1
elastic_mod=6
poisson_ratio=0.25
ucsi=30
ten_side_fac=10.1
end
def ss50
mat_type=1
tri_str_fac=5.1
elastic_mod=13
poisson_ratio=0.25
ucsi=50
ten_side_fac=10.1
end
def coal
mat_type=2
tri_str_fac=4.5
elastic_mod=3
poisson_ratio=0.3
ucsi=14
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ten_side_fac=4.5
end
def lam55
mat_type=1
tri_str_fac=5.1
elastic_mod=20
poisson_ratio=0.25
ucsi=55
ten_side_fac=10.1
end
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;
;;;;;;;;;;;;;;;;;;;;function to calculate the material property inputs
def material_input
scale_effect=0.58

; down grading of intact rock

property to rock mass property
elastic_mod=elastic_mod*1e9

; elastic modulus unit conversion

from GPa to Pa
blk_mod=elastic_mod/(3*(1-2*poisson_ratio))

;Bulk modulus

shr_mod=elastic_mod/(2*(1+poisson_ratio))

;Shear modulus

;*********************************************************************************
***
;*********************************************************************************
**********************************************
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friction_angle=atan2((tri_str_fac-1),(2*sqrt(tri_str_fac)))*57.29
coh_material=(ucsi*scale_effect)/(2*(sqrt(tri_str_fac)))*1e6
material_tens=(ucsi*scale_effect*1e6)/12
end
;;;;;;;;;;;;;;;;;;;;function to apply elastic material property and horizontal stress
def elastic_initial
material_input
jy=j2+(j1-j2)/2
verti_stress=syy(3,jy)
tec_comp=-elastic_mod*1e-3*tectonic_x
poisson_comp=verti_stress*poisson_ratio/(1-poisson_ratio)
sxx_rock=tec_comp+poisson_comp
command
prop density=2500 bulk=blk_mod shear=shr_mod j= j1,j2
ini sxx sxx_rock j=j1,j2
endcommand
loop i (1,277)
loop j (j1,j2)
ex_1(i,j)=ucsi
ex_2(i,j)=tri_str_fac
ex_3(i,j)=blk_mod
ex_4(i,j)=shr_mod
ex_9(i,j)=ten_side_fac

166

ex_10(i,j)=elastic_mod
ex_11(i,j)=poisson_ratio
ex_12(i,j)=mat_type
endloop
endloop
end
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;UCS random;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;
def ucs_random
command
prop density 30 rdev 4
endcommand
loop i (1,276)
loop j (1,428)
ex_15(i,j)= density(i,j)/30
if ex_12(i,j)#2 then
ex_16(i,j)=ex_1(i,j)*ex_15(i,j)
endif
endloop
endloop
end
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;
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;;;;;;;;;;;;;;;;;;;;Elastic Properties
def strata_elastic
j1=394
j2=429
ss60

;35cm

elastic_initial
j1= 379
j2= 394
lss70

;15cm

elastic_initial
j1= 364
j2= 379
lss50

;15cm

elastic_initial
j1= 349
j2= 364
lam60

;15cm

elastic_initial
j1= 344
j2= 349
lss60

;50cm

elastic_initial
j1= 334
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j2= 344
ss50

;10cm

elastic_initial
j1= 329
j2= 334
lam50

;50cm

elastic_initial
j1= 324
j2= 329
lam60

;50cm

elastic_initial
j1= 319
j2= 324
lam80

;50cm

elastic_initial
j1= 309
j2= 319
lss70

;100cm

elastic_initial
j1= 304
j2= 309
lam60

;50cm

elastic_initial
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j1= 299
j2= 304
lam70

;50cm

elastic_initial
j1= 294
j2= 299
lam55

;50cm

elastic_initial
j1= 289
j2= 294
lam40

;50cm

elastic_initial
j1= 285
j2= 289
lam60

;40cm

elastic_initial
j1= 283
j2= 285
lam40

;20cm

elastic_initial
j1= 281
j2= 283
lam80

;20cm
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elastic_initial
j1= 279
j2= 281
lss50

;20cm

elastic_initial
j1= 277
j2= 279
lam70
elastic_initial;20cm
j1= 263
j2= 277
lam50

;140cm

elastic_initial
j1= 259
j2= 263
lam60
elastic_initial;40cm
j1= 255
j2= 259
lss50
elastic_initial;40cm
j1= 253
j2= 255
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lss60
elastic_initial;20cm
j1= 251
j2= 253
lss80
elastic_initial;20cm
j1= 249
j2= 251
lss70
elastic_initial;20cm
j1= 247
j2= 249
lam70
elastic_initial;20cm
j1= 243
j2= 247
lss50
elastic_initial;40cm
j1= 241
j2= 243
lam70
elastic_initial;20cm
j1= 239
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j2= 241
lss60
elastic_initial;20cm
j1= 235
j2= 239
lam50
elastic_initial;40cm
j1= 233
j2= 235
cmud10
elastic_initial;20cm
j1= 201
j2= 233
coal ;Bulli coal
elastic_initial;320cm
j1= 199
j2= 201
cmud30lam40
elastic_initial;20cm
j1= 197
j2= 199
lam40
elastic_initial;20cm

173

j1= 191
j2= 197
lss40
elastic_initial;60cm
j1= 189
j2= 191
lss30
elastic_initial;20cm
j1= 179
j2= 189
lss50
elastic_initial;100cm
j1= 173
j2= 179
lss60
elastic_initial;60cm
j1= 163
j2= 173
lss50
elastic_initial;100cm
j1= 153
j2= 163
lam40
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elastic_initial;100cm
j1= 143
j2= 153
coal ; Balgowni
elastic_initial;100cm
j1= 139
j2= 143
lam40
elastic_initial;40cm
j1= 131
j2= 139
lss50
elastic_initial;80cm
j1= 126
j2= 131
lam40
elastic_initial;50cm
j1= 121
j2= 126
lam40
elastic_initial;50cm
j1= 116
j2= 121

175

lss40
elastic_initial;50cm
j1= 111
j2= 116
lss50
elastic_initial;50cm
j1= 1
j2= 111
lss40
elastic_initial;110cm
end
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;
;;;;Mohr constituitve model
def check_mohr
loop i (1,276)
loop j (1,428)
if ex_12(i,j)=2 than
ex_16(i,j)=ex_1(i,j)
endif
if ex_8(i,j)#1000 then
;if model(i,j)#-12 then
maxsig1=(-0.5*(sxx(i,j)+syy(i,j)))+(sqrt(sxy(i,j)^2+0.25*(sxx(i,j)-syy(i,j))^2))
minsig3=(-0.5*(sxx(i,j)+syy(i,j)))-(sqrt(sxy(i,j)^2+0.25*(sxx(i,j)-syy(i,j))^2))
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ex_5(i,j)=maxsig1
ex_6(i,j)=minsig3
triaxial_str=ex_16(i,j)*1e6*scale_effect+ex_2(i,j)*minsig3
material_tens=(ex_16(i,j)*scale_effect*1e6)/12
friction_angle=atan2((ex_2(i,j)-1),(2*sqrt(ex_2(i,j))))*57.29
coh_material=(ex_16(i,j)*scale_effect)/(2*(sqrt(ex_2(i,j))))*1e6
if minsig3>0 then
if maxsig1>triaxial_str then
;elastic_mod=ex_10(i,j)
;poisson_ratio=ex_11(i,j)
;blk_mod=(elastic_mod*0.75)/(3*(1-2*poisson_ratio))

;Bulk modulus

;shr_mod=(elastic_mod*0.75)/(2*(1+poisson_ratio))

;Shear modulus

command
model mohr i=i j=j
;prop bulk=blk_mod shear=shr_mod i=i j=j
prop frict=friction_angle coh=1e3 ten=1e2 i=i j=j
endcommand
ex_7(i,j)=1
ex_8(i,j)=1000
endif
else
if (-1)*minsig3>material_tens then
;elastic_mod=ex_10(i,j)
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;poisson_ratio=ex_11(i,j)
;blk_mod=(elastic_mod*0.6)/(3*(1-2*poisson_ratio))

;Bulk modulus

;shr_mod=(elastic_mod*0.6)/(2*(1+poisson_ratio))

;Shear modulus

command
model mohr i=i j=j
;prop bulk=blk_mod shear=shr_mod i=i j=j
prop frict=friction_angle coh=1e3 ten=1e2 i=i j=j
endcommand
ex_7(i,j)=2
ex_8(i,j)=1000
else
triaxial_str=ex_16(i,j)*1e6*scale_effect+ex_9(i,j)*minsig3
if maxsig1>triaxial_str then
;elastic_mod=ex_10(i,j)
;poisson_ratio=ex_11(i,j)
;blk_mod=(elastic_mod*0.65)/(3*(1-2*poisson_ratio))

;Bulk modulus

;shr_mod=(elastic_mod*0.65)/(2*(1+poisson_ratio))

;Shear modulus

command
model mohr i=i j=j
;prop bulk=blk_mod shear=shr_mod i=i j=j
prop frict=friction_angle coh=1e3 ten=1e2 i=i j=j
endcommand
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ex_7(i,j)=3
ex_8(i,j)=1000
endif
endif
endif
;endif
endif
;;;;;;;;;;;;;;;rock modulus;;;;;;;;;;;;;;;;;;;;;;;;;;;;
testax = abs(maxsig1)
stym=ex_16(i,j)*1e6
If testax < stym then
elastic_mod_bf = ex_10(i,j) - (0.5* ex_10(i,j) * (stym - testax)/stym)
else
elastic_mod_bf = ex_10(i,j)
end_if ;;;;; testax
if minsig3 < 0.0 then
elastic_mod_bf = 0.5*ex_10(i,j)

;;;;;;;;;;;; min modulus is 0.5* ym

end_if
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;
;;;;;;;;;;;;;;;;;;;;;;; Post failure modulus;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;
if ex_7(i,j)#0.0 then
If ex_10(i,j) > 4e9 then
elastic_mod_r = 2.7e9 + 0.333*elastic_mod_bf
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else
elastic_mod_r=elastic_mod_bf
end_if
else
elastic_mod_r=elastic_mod_bf
end_if
blk_mod= elastic_mod_r /(3*(1 - 2*ex_11(i,j)))
shr_mod=elastic_mod_r / (2*(1 + ex_11(i,j)))
;if bulk_mod(i,j)>1e2 then
bulk_mod(i,j)=blk_mod
shear_mod(i,j)=shr_mod
;endif
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;dilation;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;
if elastic_mod_r > 2e9 then ;;; dilation only in stronger materials
if minsig3 < 5e6 then
dila_intact = ini_dilation + (max_dilation*(5e6-minsig3)/5e6) ;; = dilation due to shear
on plane
else
dila_intact= ini_dilation
end_if
if minsig3 < 0.0 then ;;;;;;; max prd at 0 mpa or else can get bigger.
dila_intact= ini_dilation + max_dilation
end_if
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else ;;; if < ym=2 no dilation
dila_intact=0.0
end_if
if ex_7(i,j)#0.0 then
;command
;prop dilation=dila_intact i=i j=j
dilation(i,j)=dila_intact
;endcommand
end_if
endloop
endloop
end
;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;;
def change_mohr
material_input
command
prop bulk=blk_mod shear=shr_mod coh=coh_material fric=friction_angle j= j1 j2
prop ten=material_tens j= j1 j2
endcommand
end
;;;;;;
def strata_mohr
j1= 394
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j2= 429
ss60

;35cm

change_mohr
j1= 379
j2= 394
lss70

;15cm

change_mohr
j1= 364
j2= 379
lss50

;15cm

change_mohr
j1= 349
j2= 364
lam60

;15cm

change_mohr
j1= 344
j2= 349
lss60

;50cm

change_mohr
j1= 334
j2= 344
ss50

;10cm

change_mohr

182

j1= 329
j2= 334
lam50

;50cm

change_mohr
j1= 324
j2= 329
lam60

;50cm

change_mohr
j1= 319
j2= 324
lam80

;50cm

change_mohr
j1= 309
j2= 319
lss70

;100cm

change_mohr
j1= 304
j2= 309
lam60

;50cm

change_mohr
j1= 299
j2= 304
lam70

;50cm
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change_mohr
j1= 294
j2= 299
lam55

;50cm

change_mohr
j1= 289
j2= 294
lam40

;50cm

change_mohr
j1= 285
j2= 289
lam60

;40cm

change_mohr
j1= 283
j2= 285
lam40

;20cm

change_mohr
j1= 281
j2= 283
lam80

;20cm

change_mohr
j1= 279
j2= 281
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lss50

;20cm

change_mohr
j1= 277
j2= 279
lam70
change_mohr;20cm
j1= 263
j2= 277
lam50

;140cm

change_mohr
j1= 259
j2= 263
lam60
change_mohr;40cm
j1= 255
j2= 259
lss50
change_mohr;40cm
j1= 253
j2= 255
lss60
change_mohr;20cm
j1= 251
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j2= 253
lss80
change_mohr;20cm
j1= 249
j2= 251
lss70
change_mohr;20cm
j1= 247
j2= 249
lam70
change_mohr;20cm
j1= 243
j2= 247
lss50
change_mohr;40cm
j1= 241
j2= 243
lam70
change_mohr;20cm
j1= 239
j2= 241
lss60
change_mohr;20cm
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j1= 235
j2= 239
lam50
change_mohr;40cm
j1= 233
j2= 235
cmud10
change_mohr;20cm
j1= 201
j2= 233
coal ;Bulli coal
change_mohr;320cm
j1= 199
j2= 201
cmud30lam40
change_mohr;20cm
j1= 197
j2= 199
lam40
change_mohr;20cm
j1= 191
j2= 197
lss40

187

change_mohr;60cm
j1= 189
j2= 191
lss30
change_mohr;20cm
j1= 179
j2= 189
lss50
change_mohr;100cm
j1= 173
j2= 179
lss60
change_mohr;60cm
j1= 163
j2= 173
lss50
change_mohr;100cm
j1= 153
j2= 163
lam40
change_mohr;100cm
j1= 143
j2= 153
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coal ; Balgowni
change_mohr;100cm
j1= 139
j2= 143
lam40
change_mohr;40cm
j1= 131
j2= 139
lss50
change_mohr;80cm
j1= 126
j2= 131
lam40
change_mohr;50cm
j1= 121
j2= 126
lam40
change_mohr;50cm
j1= 116
j2= 121
lss40
change_mohr;50cm
j1= 111

189

j2= 116
lss50
change_mohr;50cm
j1= 1
j2= 111
lss40
change_mohr;110cm
end
;;;;;;;;;;;;;;;;;;;roof bolt
def roof_bolt
;;;;;;;bolt parameters
bolt_spacing=1

;m spacing along roadway

bolt_diameter=22

;mm

hole_diameter=28

;mm

grout_bond=4

;MPa

yield_displ=2

;mm

bolt_modulus=210

;GPa

bolt_yield=28e4

;N

;;;;;;input parameters
bolt_area=3.14*(bolt_diameter/2)^2*1e-6

;m

bond_strength=grout_bond*3.14*hole_diameter*1e3/bolt_spacing

;pa

grout_stiffness=bond_strength/yield_displ*1e3

;pa/m

bolt_tension=bolt_yield/bolt_spacing

;N/m
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bolt_mod=bolt_modulus*1e9/bolt_spacing

;Pa

command
struct prop 1 e bolt_mod a bolt_area sb bond_strength
struct prop 1 kb grout_stiffness yi bolt_tension
struct cab beg 25.4,-19.6 end 25.4,-17.5 prop=1 seg=9 tens=8e4
struct cab beg 26.02,-19.6 end 26.02,-17.5 prop=1 seg=9 tens=8e4
struct cab beg 26.64,-19.6 end 26.64,-17.5 prop=1 seg=9 tens=8e4
struct cab beg 27.26,-19.6 end 27.26,-17.5 prop=1 seg=9 tens=8e4
struct cab beg 27.88,-19.6 end 27.88,-17.5 prop=1 seg=9 tens=8e4
struct cab beg 28.5,-19.6 end 28.5,-17.5 prop=1 seg=9 tens=8e4
struct cab beg 29.12,-19.6 end 29.12,-17.5 prop=1 seg=9 tens=8e4
struct cab beg 29.74,-19.6 end 29.74,-17.5 prop=1 seg=9 tens=8e4
endcommand
end
;;;;;;;;;;rib bolts
def rib_bolt
;;;;;;;bolt parameters
bolt_spacing=1.5

;m spacing along roadway

bolt_diameter=22

;mm

hole_diameter=28

;mm

grout_bond=3

;MPa

yield_displ=3

;mm

bolt_modulus=210

;GPa
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bolt_yield=18e4

;N

;;;;;;input parameters
bolt_area=3.14*(bolt_diameter/2)^2*1e-6
bond_strength=grout_bond*3.14*hole_diameter*1e3/bolt_spacing
grout_stiffness=bond_strength/yield_displ*1e3

;pa

;pa/m

bolt_tension=bolt_yield/bolt_spacing
bolt_mod=bolt_modulus*1e9/bolt_spacing
command
struct prop=2 e=bolt_mod a=bolt_area sb=bond_strength
struct prop 2 kb grout_stiffness yi bolt_tension
;;;;left rib
struct cab beg 25,-20.8 end 23.2,-20.8 prop=2 seg=9 tens=5e4
struct cab beg 25,-21.8 end 23.2,-21.8 prop=2 seg=9 tens=8e4
;;;;right rib
struct cab beg 30.2,-20.8 end 32,-20.8 prop=2 seg=9 tens=5e4
struct cab beg 30.2,-21.8 end 32,-21.8 prop=2 seg=9 tens=5e4
endcommand
end
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